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ABSTRACT 
Case histories from strong earthquakes and laboratory studies show clearly that fines 
content, soil particle gradation, particle morphology and mineralogy content have 
significant influence on liquefaction behaviors of soils. Because of the uniqueness of soil 
deposit in Kathmandu, which are rich in Mica, and very heterogeneously distributed, 
liquefaction assessment methods established based on the experiences in Japan and the US 
need to be verified. In order to refine and reestablish liquefaction assessment methods, 
identification of field evidence of liquefaction including sand volcanos and lateral 
spreading are necessary and the 2015 April earthquake provided a valuable opportunity to 
do this. 
In this study, an extensive survey was conducted after the Gorkha earthquake 2015 and 11 
liquefied spots were identified. The liquefactions were spread throughout the valley, 
mostly in the vicinity of the rivers passing through it. The main features of ground failures 
in liquefied area were fissuring towards the downwards slope with sand boils ejected 
through the fissuring’s in slope area and sand boils in the plain low land area. The sand 
erupted at liquefaction sites were collected and conducted the X-ray diffraction analyses 
and it was found that quartz (60-80%), feldspar (10-20%), mica (10-20%) and calcite 
(5-10 %) are the dominant minerals in Kathmandu soil.  
In-situ field test, including boring, standard penetration tests (SPT), undisturbed soil 
sampling and PS-logging were conducted at five representative locations. The relation 
between the normalized N-value or S-wave velocity with CSR obtained from this study 
were plotted on the curves proposed based on the Japan and US experiences to separate the 
liquefied and non-liquefied sites. The plotted point’s showed that the proposed curves 
based on the Japan and US experiences do not well satisfied the Kathmandu soil.  
The reconstituted specimens at different relative density were tested under undrained 
cyclic loading. The liquefaction strength curve obtained from these tests indicate that the 
Kathmandu soil grains are very crushable and easily failed under the cyclic loading. 
Finally, both the laboratory test results and field in-situ test results were combined and 
proposed a new boundary curve either based on the normalized SPT N-value or 
normalized S-wave velocity (Vs1) and CSR to separate the liquefiable and non-liquefiable 
sites for Kathmandu soil. This proposed boundary line satisfied all the liquefied and 
non-liquefied locations included in this study and data from the JICA study (2002). 
During large earthquakes, soil liquefaction has repeatedly damaged many buildings with 
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shallow foundations. Many researchers have continuously worked to develop more reliable 
countermeasure techniques apposite to the foundation soils of existing buildings. However, 
most countermeasure techniques available in the current practice are either too expensive 
or applicable only to new construction sites. Lowering the degree of saturation by 
artificially injecting air is a newly developed, innovative technique that significantly 
improves the liquefaction strength of soil. In this study, the effectiveness of desaturation by 
air injection technique as liquefaction remedial on the foundation soil under light 
structures were evaluated through the series of centrifuge tests. Four centrifuge model tests 
were performed in the laboratory to evaluate the effectiveness of desaturation by the air 
injection technique as a liquefaction countermeasure technique for shallow foundation soil 
under light structures. The effectiveness of the air injection technique was evaluated in 
terms of pore pressure generation, vertical settlements and factor of safety against 
liquefaction in saturated and desaturated centrifuge model. All the results of centrifuge 
modeling conducted in this study demonstrated the effectiveness of the air injection 
technique to strengthen the liquefiable soil below light structures. Thus far, the test results 
have indicated that desaturation by the air injection technique is a useful solution for 
increasing the liquefaction resistance of soil at shallow foundations upon which 
lightweight structures rest. 
An attempt was also made to simulate the centrifuge models with numerical analysis by 
changing the compressibility of the pore. Four centrifuge models tested in the laboratory 
were simulated by using the Coupled Analysis of Liquefaction (LIQCA-2D), a 
finite-element method (FEM) based effective stress analysis. The computed results were 
compared with the test results in terms of excess pore pressure (EPP) generation, 
volumetric strain distribution and settlements and deformations. Excess pore pressures as 
well as structural settlement and deformation mechanisms of foundation soils observed in 
the centrifuge tests were mostly accurately duplicated by the simulations. This study 
confirmed that the seismic behavior of desaturated soil can successfully modeled by 
reducing the bulk modulus of pore fluid.  
The main concern on the desaturation by air injection technique is the durability of the 
injected air because the soil desaturated by air injection regain its degree of saturation once 
it was lowered by artificial air injection. In this study, the laboratory experiment and in-situ 
field test carried out to observe the saturation process in unsaturated soil were numerically 
simulated by using the multiphase flow simulator (TOUGH2). The observed pattern of 
degree of saturation changes in laboratory experiments at continue seepage flow in the 
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different hydraulic head, considering the advection and diffusion process of mass transfer 
are well comparable with simulated results.  
The predicted degree of saturation on the soil, desaturated by air injection, showed that the 
injected air exists in the soil pores will not dissipate easily. Even after the 10 years of 
desaturation the soil did not regain its saturation level, 100%, even though the simulation 
was performed in extreme condition by flowing the water with zero air content. These 
results further confirmed the longevity of the injected air in the soil pore which is also 
mentioned by Okamura et al. (2006). 
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Chapter 1 
INTRODUCTION 
1.1 Background 
Liquefaction is a phenomenon that a cohesion less saturated soil suddenly loses its strength 
and stiffness by earthquake shaking or rapid loading. Besides earthquake, other causes can 
also lead to soil liquefaction, such as static loading, fluctuation of tide, and machine 
vibration. Liquefaction and related phenomena have been responsible for huge damage on 
infrastructure during the historic earthquake around the world. During an earthquake, 
cyclic shear strain in a deposit of saturated loose sand cause a progressive build-up of 
pore-water pressure. When this pore-water pressure reaches a value equal to the initial 
confining pressure or attain 5% double amplitude strain, liquefaction is supposed to have 
occurred.  
Liquefaction phenomenon came to geotechnical engineers notice after the wide extent 
damages on buildings and apartment blocks observed during the 1964, Niigata earthquake 
in Japan and Alaska earthquake in USA due to the foundation soil liquefaction. Extensive 
studies included liquefaction triggering mechanism, potential evaluation criteria, and 
liquefaction-induced damage prediction and mitigation measures options were investigated 
simultaneously in the laboratory as well as in the field in the past 50years. The laboratory 
test results were compared, calibrated with actual soil behavior in the field from the 
earthquake case histories and interpreted accordingly. It is very necessary to compare and 
calibrate the laboratory test results with actual in-situ soil behavior, as the number of items 
still remains to understand or explain through the laboratory tests only.   
Case histories from strong earthquakes and laboratory studies show clearly that fines 
content, soil particle gradation, particle morphology and mineralogy content have 
significant influence on liquefaction behaviors of soils. Because of the uniqueness of soil 
deposit in Kathmandu, which are rich in Mica, and very heterogeneously distributed, 
liquefaction assessment methods established based on the experiences in Japan and the US 
need to be verified. In order to refine and reestablish liquefaction assessment methods, 
identification of field evidence of liquefaction including sand volcanos and lateral 
spreading are necessary and the 2015 April earthquake provided a valuable opportunity to 
do this. In this study, intensive field survey was conducted just after the April 25, 2015 
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Gorkha earthquake and identified the liquefied spots. Similarly, in-situ field test including 
boring, standard penetration tests (SPT), undisturbed soil sampling and PS-logging were 
conducted in the identified locations. Based on the test results, relationship between SPT N 
value or S wave velocity and threshold acceleration was established which separates 
liquefied and non-liquefied sites. Furthermore, laboratory tests on collected samples 
including physical test, cyclic triaxial test to measure the liquefaction strength and X-ray 
for deflection test were carried out.  
Recent earthquakes, such as the one in Christchurch in New Zealand (2011) and Off the 
Pacific Coast of Tohoku, Japan (2011), damaged a significant number of residential houses 
as a result of foundation soil liquefaction (Yasuda et al., 2012; Orense, 2011; Cubrinovski 
et al., 2012; Nakai et al., 2012). Although a wide range of mitigation techniques have been 
developed and proved effective to prevent the soil liquefaction but most of them are either 
cost is very high or limited to new construction site. These facts suggest a strong need to 
develop reliable and cost-effective countermeasure techniques to remediate liquefiable 
foundation soils underlying existing residential houses. 
Because the degree of saturation significantly affects the resistance of soil to liquefaction, 
soil desaturation by air injection has attracted the interest of researchers and engineers as a 
new, innovative liquefaction countermeasure technique (Okamura et al., 2011). Because air 
is the only material used in this technique, the expected advantages of the technique 
include low execution cost and environmental impact. 
It is critical to determine the effectiveness of this technique to reduce the deformation of 
foundation soil and the settlement of structures. Okamura et al. (2012) demonstrated the 
effectiveness of this countermeasure technique for an existing embankment through a 
series of centrifuge tests. As mentioned later, because desaturation is more effective for the 
liquefaction resistance of soil under higher initial effective stress, it is interesting to 
determine the effectiveness of desaturation on soils at lower effective stress, such as that 
experienced by soils supporting small and light residential buildings. Thus, in this study, 
the effectiveness of the countermeasure technique, desaturation by air injection into the 
foundation soil under existing residential buildings, is examined through a series of 
centrifuge tests. Using the centrifuge tests models, an attempt was also made to verify the 
numerical procedure to simulate deformation of locally desaturated soil with structures.  
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The measure issues on this technique is the durability of the injected air. Once a soil below 
the ground water table is desaturated, it is considered that the amount of air in the soil pore 
will gradually decrease and the soil will eventually be fully saturated again. It is very 
important to predict the saturation process on desaturated soil due to the continuous 
seepage flow or pore water at hydrostatic state. Previously laboratory experiments and 
in-situ test were performed to observed saturation process on desaturated soil. In this study, 
an attempt was made to verify the numerical procedure to predict the evolution of degree 
of saturation on desaturated soil using the laboratory test results and field in-situ 
measurements. 
Detail literature review regarding the liquefaction hazard analysis, countermeasure 
technique and its durability is described in Chapter 2.  
1.2 Research Objectives 
Liquefaction behaviors of soils depend on the several factors and the purposed assessment 
methods based on the case histories and laboratory experiments of any specific region may 
not be satisfied to the other parts of world. .In this study, detail investigation on soil 
liquefaction of Kathmandu valley with reference to the field evidence of April 25, 2015 
Gorkha earthquake will perform to refine and reestablish the assessment method exists in 
the current practice. Similarly, effectiveness of low cost, technically feasible 
countermeasure technique “Desaturation by air injection” will be evaluated through the 
physical modeling and will be validated by using the numerical simulation.  
The main objective of this study is to find out the economically viable and technically 
feasible countermeasure technique against liquefaction in the foundation soil of existing 
light structures. 
Some of the sub-objectives that follow from this objective are; 
1. Investigate the soil liquefaction potential in Kathmandu valley 
2. Refine and reestablish the current assessment methods that can be applicable for 
Kathmandu soil. 
3. Investigate the effectiveness of “Desaturation by air injection “methods as a counter 
measure technique for foundation soil of light structures. 
4. Verify the numerical model to predict the effects of desaturation on liquefiable shallow 
foundation soil of light structures. 
5. Verify the numerical model to predict the evolution of saturation level in desaturated 
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soil; once it is lowered by artificially injected air. 
1.3 Flow chart of the study 
Refine and reestablish of existing liquefaction assessment method and evaluation of 
countermeasure technique on foundation soil of light structures are the main objective of 
this study. To achieve the objectives field investigation, undrained cyclic triaxial tests in 
the laboratory, series of centrifuge tests and numerical simulation will be performed. The 
flow of the study is shown in Fig. 1.1. 
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Fig. 1.1 Research flow chart 
1.4 Outline of thesis 
This dissertation comprises of 7 chapter. The introductory chapter 1 describes the 
importance, objectives and flow of the study. The overall study includes two parts, 
Investigation of liquefaction potential and evaluation of desaturation by air injection 
technique as a liquefaction countermeasure for foundation soil of existing structures. 
Chapter 2 includes a brief literature review of previous studies on soil liquefaction and 
application of desaturation by air injection technique as a liquefaction countermeasure 
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technique. Past efforts on numerical prediction of liquefaction potential analysis on 
saturated and desaturated soils and evolution of saturation level on desaturated soils are 
also reviewed on Chapter 2. Liquefaction hazard analysis based on the in-situ bore log data 
and undrained cyclic triaxial tests results are discussed in the Chapter 3. The applicability 
of available liquefaction assessment methods are assessed through the field evidence of the 
April 25, 2015 Gorkha earthquake. The existing liquefaction assessment methods are 
refined and reestablished from the field evidence and laboratory tests results in this study 
and explained in Chapter 3. Chapter 4 includes the evaluation of effectiveness of 
“Desaturation by air injection” techniques as a liquefaction counter measure techniques for 
foundation soil of existing light structures. Series of centrifuge tests are conducted to 
evaluate this newly developed technique and findings details are explain in Chapter 4. 
Validation of numerical model to predict the power pressure generation, 
liquefaction-induced settlements and failure pattern in liquefiable foundation soil of 
saturated and desaturated with relatively small confining pressure are included in Chapter5. 
Chapter 6 includes the study on prediction of evolution of saturation in desaturated soil 
with time. The conclusion of the study and recommendation for further studies are 
included in Chapter 7. 
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Chapter 2 
LITERATURE REVIEW 
2.1 Introduction 
This chapter is a literature review related to this study. Mostly past efforts on soil 
liquefaction and its countermeasure technique are reviewed which include mechanism of 
soil liquefaction, critical void ratio and steady state of soil deformation, it provide   a 
theoretical framework for the subsequent discussion, the undrained behavior of sandy soil 
under both quasi-static and cyclic lading conditions, commonly used liquefaction 
assessment methods, current practice of countermeasure techniques, undrained behavior of 
desaturated sand, methods for the artificial desaturation of soil, and saturation regain 
process on the partially desaturated soil under the continues seepage flow. At the end 
review of previous studies and the assessment on the reliability of desaturation by air 
injection technique to mitigate liquefaction under the foundation soil of existing light 
structure is presented.  
(a) (b) (c)  
Fig. 2.1 Schematic illustration of liquefaction mechanism 
2.2 Mechanism of Soil Liquefaction  
Liquefaction is a phenomenon in which the strength and stiffness of a soil is reduced by 
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earthquake shaking or rapid loading. Liquefaction and related phenomena have been 
responsible for huge damage on infrastructure during the historical earthquake around the 
world. During an earthquake, cyclic shear strain in a deposit of saturated loose sand cause 
a progressive build-up of pore-water pressure. When this pore-water pressure reaches a 
value equal to the initial confining pressure, liquefaction is said to have occurred (Fiegel 
and Kutter, 1994). Detailed summaries of this phenomenon are presented by Ishihara 
(1985) and the National Research Council (1985).  
Before the 1964 Niigata Earthquake, the liquefaction phenomenon was beyond the 
geotechnical engineer notice. Soil mechanics literature does not have so much evidence of 
liquefaction studies before 1964. However, the classical works of Casagrande (1936), as 
quoted by Seed (1976), and Terzaghi and Peck (1948) indicate that there was at least 
recognized that liquefaction could be induced by static loading. The wide extent damage of 
buildings and apartment blocks tilted during the Niigata earthquake in Japan and Alaska 
open the eyes of geotechnical engineers to work on it. 
The general concept of liquefaction mechanism is as depicted in Fig. 2.1. Fig.2.1 (a) shows 
the gaps between particles of loose sand located below the ground water level. This is the 
situation of saturated loose sand before the earthquake shaking. Fig. 2.1 (b) shows the 
condition of loose saturated sand particle during the earthquake shaking where sand 
particles are floating due to the excess power pressure developed due to shaking because 
of pore water could not drain out easily from the voids means undrained condition. The 
stress then would be in a permanent isotropic condition and does not allow any volumetric 
change in the ground. This is the state of liquefaction occurred during the earthquake 
shaking. Experimental evidence suggests that in the condition of zero effective stress, or 
liquefaction, soil particles of grains do not support one another and are therefore in a 
suspension (Whitman et al. 1982; Scott 1986). Horizontal or sloped ground with an 
externally applied load (e.g. Overburden stress due to presence of upper non-liquefied 
sub-layer or structure overlying the liquefiable sub-soil) can generate shearing load and 
make significant volumetric changes in soil elements within liquefies ground. Therefore, 
and with the existence of any of the previous conditions, a significant influence would 
affect the initial loading state. In case (b) and after the liquefaction occurrence, a gradual 
dissipation of excess pore water pressure will take place along with the deposition of the 
formerly floated particles and the voids between the particles will be smaller and the 
subsoil will be denser as shown in Fig. 2.1 (c). The pore water will be than drained toward 
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the ground surface. At the ground surface, the water with the sand will discharge 
throughout the crack; this phenomenon is called sand boils. 
 
Fig. 2.3 Liquefaction induced deformation and failure modes (After PHRI, 1997) 
Although the condition for soil liquefaction obeys the same rule but the mechanism of 
liquefaction process may be different. Fig. 2.2 shows the three typical mechanism of soil 
liquefaction and are described below;  
2.2.1 Liquefaction caused by seepage pressure (sand boil)  
If the pore water pressure in a saturated sand deposit reaches and excesses the overburden 
pressure, the sand deposit will float or “boil” and lose entirely its bearing capacity. This 
process is nothing to do with the density and volumetric contraction of the sand. Therefore, 
it has been usually considered as a phenomenon of seepage instability. However, according 
to the mechanical behavior of the material, it also belongs to the category of soil 
liquefaction. 
2.2.2 Liquefaction caused monotonous loading or sharing (Flow slide) 
The phenomenon of flow slide has been long been recognized. Casagrande (1936 and 
1975) has suggested the concept of critical void ratio. The main fact is that the skeleton of 
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loose saturated sands exhibits irreversible contraction in the bulk volume under the action 
of monotonous loading or shearing, which causes increase of pore water pressure and 
decrease of effective pressure and finally brings about and unlimited flow deformation. 
2.2.3 Liquefaction caused by cyclic loading or shearing (Cyclic mobility) 
The phenomenon of cyclic mobility of saturated cohesion less soils has been investigated 
extensively during the last thirty to fourty years by many investigators with various 
experimental techniques and testing apparatuses. It has been revealed that cohesion less 
soils always show volumetric contraction at low shear strain level, but might dilate at 
higher shear strain level depending on the relative density of the soil. Therefore, under the 
action of cyclic shearing a saturated cohesion less soil could show liquefaction at time 
intervals when the shear strain level is low, but might regain shear strain level is higher. A 
sequence of such sort of intermittent liquefactions would bring about the phenomenon of 
cyclic mobility with limited flow deformation. If the saturated cohesion less soil was loose 
enough to keep contraction at high shear strain level, then it also could come out to be an 
unlimited flow deformation. 
2.2.4 State Criteria  
Liquefaction susceptibility of soil strongly depends on its initial state. The initial state of 
the soil refers to both density and stress conditions at the time of earthquake loading. The 
tendency to generate excess pore pressure of particular soil is strongly influenced by both 
density and initial stress conditions and consequently control the liquefaction susceptibility 
of the soil (Kramer, 1996). To refer the methods for evaluating state criteria and to provide 
a background for evaluating the effects of liquefaction, some basic concepts of 
cohesionless soil behavior is reviewed in the following sections. 
2.2.4.1 Critical Void Ratio (CVR) 
In his pioneering work on the shear strength of soils, Casagrande (1936) performed 
drained, strain-controlled triaxial tests on initially loose and dense sand specimens.      
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Fig. 2.4 The CVR line as a boundary between loose and dense states  
The results showed that initially loose specimens contracted or densified during the 
shearing and initially dense specimens first contracted, but then very quickly began to 
dilate at small strain level. At large strains level, both the loose and dense specimens 
approached the same density and continued to shear with constant shearing resistance. The 
void ratio (e) corresponding to this constant density was termed the critical void ratio, ec 
(CVR). By performing tests at different effective confining pressure, Casagrande has also 
been found that the CVR was uniquely related to the specific effective confining pressure,
'
3c . Therefore, it is possible to define a CVR line by determining CVR at different 
effective confining pressure. Fig. 2.3 shows the use of the CVR line as a boundary between 
loose (contractive and dense (dilative) states. 
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Fig. 2.5 Stress-strain behavior and liquefaction susceptibility of soils at different initial 
states under monotonic loadings (after Kramer, 1996) 
There, by defining the initial state of the soil in terms of void ratio and effective confining 
pressure, it is possible to evaluate the tendency of the soil to contraction or dilation with 
repsect to the CVR line. Generally, saturated soil with initial void ratios above the CVR 
line is considered susceptible to flow liquefaction, and those with void ratios below the 
CVR is considered non-susceptible to liquefaction.  
2.2.4.2 Steady state of deformation  
Castro (1969) performed static and cyclic triaxial tests on isotropically consolidated 
specimens and several static tests on anisotropically consolidated specimens. Three 
different types of stress-straun behavior illustrated in Fig. 2.4 were observed. Loose 
specimens (i.e., specimen A in Fig.2.4) exhibit stain softening behavior with peak strength 
at a small shear strain and then collapse to follow to large strains. This behavior is 
considered as flow liquefaction. Dense specimens (specimen B) exhibit strain hardening 
behavior with an initial contraction and then dilation at large strains. At intermediate 
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densities (specimen C) a peak strength at low strain level is followed by a limited period of 
strain softening behavior and then end with strain hardening behavior at intermediate strain. 
This reversal from contractive to dilative behavior occurs at the phase transformation point 
(Ishihara et al., 1975). This type of behavior is called limited liquefaction. 
The state in which the soil flows continuously under constant shear stress and constant 
effective confining pressure at constant volume and constant velocity is defined as the 
steady state of deformation (Castro and Poulos, 1977; Poulos 1981). The steady state of 
deformation is reached only at large strains. Specimens A and C show two examples of the 
steady state of deformation at large strains.  
Constant u  (excess pore water pressure) shows constant volume change and constant 
q is corresponding to constant shear stress while straining in an undrained condition.  
Therefore, there is a unique relationship between void ratio and effective confining 
pressure at large strains. The locus of points describing the relationship between void ratio 
and effective confining pressure in the steady state of deformation is called the steady state 
line (SSL). The SSL can also be expressed in terms of the steady state strength, suS . The 
SSL is useful for identifying the susceptibility of particular soil to flow liquefaction. As 
shown in Fig. 2.5 a soil whose state lies below the SSL are not susceptible to flow 
liquefaction. Similarly, a soil whose state lies above the SSL will be susceptible to flow 
liquefaction only if the static shear stress exceeds its steady state strength. 
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Fig. 2.6 State criteria for flow liquefaction susceptibility (after Kramer, 1996) 
In contrast to flow liquefaction, cyclic mobility can occur in both loose (above the SSL) 
and dense (below the SSL) soils. In other words, cyclic mobility can occur in both loose 
and dense soils. Note that the identification of susceptibility to liquefaction for a given soil 
does not necessarily refer to occurrence of liquefaction in an earthquake. A strong 
disturbance for the initiation of liquefaction is required. In addition, the initiation of 
liquefaction might be different for flow liquefaction and cyclic mobility.  
2.3 Undrained behavior of sandy soils  
Generally, liquefaction is considered to take place under undrained condition. The 
undrained behavior of sand under both quasi-static and cyclic loading condition is 
reviewed in this section. 
2.3.1 Sandy soil responses on triaxial compression  
The response of sand in undrained triaxial compression can vary depending on whether the 
sample is above, at, or below the critical void ratio. He (2013) mentioned the five different 
patterns in undrained responses of sand that are usually seen in triaxial compression tests 
as shown in Fig. 2.6. From (a) to (e), sands behaves from a complete dilative manner to a 
complete contractive manner. Pattern (a) exhibits an increase of mean effective stress all 
the way to CSL. Pattern (b) firstly displays a decrease in mean effective stress, then the 
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stress path turns to an increase trend in P’ along CSL, giving an turning point on 
stress-strain curve. This turning point is defined as phase transformation by Ishihara et al. 
(1975).  Pattern (c) experiences a temporary contractive manner after peak deviatoric 
stress than turning back to a dilative manner. This lowest turning point is defined as 
quasi-steady state by Alarcon-Guzman et al. (1988). Pattern (d) shows a contractive 
manner before reaching the final critical state. Pattern (e) displays a contractive manner all 
the way to zero deviatoric stress, indicating a complete liquefaction condition. It needs to 
be mentioned that: (1) although critical states are indicated on all five figures, in real 
triaxial undrained tests, critical state may not be reached due to the development of 
non-homogeneous deformation, such as shear band for relatively dense sand and necking 
in extension tests; (2) Normal triaxial tests should be proceeded to an axial strain of 20% 
but this strain level may not be enough to bring the sand to a critical state. 
Whether or not sand will exhibit contractive or dilative behavior can be explained by its 
relative position with respect to the CSL on the 'pe   plane as shown in Fig. 2.7. If the 
initial void ratio is abobe CSL, then the soil will exhibit contractive behavior. If the initial 
void ratio is below the CSL, then the sample will exhibit dilative behavior. To determine 
whether a sample will contractive or dilate, Been and Jefferies (1985) introduced the 
concept of the state parameter. The state parameter  , can be used to relate the initial 
void ratio to that of the CSL as follows: 
       )1(cree   
Where e is the initial void ratio, cre  is the critical void ratio at the same mean effective  
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Fig. 2.7 Undrained response under triaxial compression (He, 2013) 
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Stress. A point above the CSL will have a positive value of the state parameter and will 
exhibit contractive behavior while a point below the CSL will have a negative state 
parameter and how it relates to the CSL and critical state. 
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Fig. 2.8 Schematic diagram on the concept of state parameter (Yang, 2002) 
2.3.2 Influential factors on undrained behavior of sand  
Case histories from strong earthquakes and laboratory studies show clearly that fines have 
significant influence on both monotonic and cyclic undrained behaviour of sands (Lade 
and Yamamuro, 1996; Thevanayagam, 1998; Polito and Martin, 2001). These effects are 
particularly relevant when evaluating the potential for strain softening or flow deformation 
during monotonic loading and liquefaction resistance in cyclic loading. The position and 
slope of the steady state line of sandy soils are affected by a number of factors including 
the grain-size characteristics, fines content and grain shape of sands. Cubrinovski and 
Ishihara (2000) performed the undrained triaxial compression test and summarizes the 
effects of grain-size composition and fines content on the steady state line of sandy soils. 
They conducted the triaxial compression tests on reconstituted samples of clean sands and 
sands with non-plastic fines. They summarizes the results in terms of position of the steady 
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state line of sandy soils as a function of: (a) Void ratio range, (emax - emin)  (b) Fines 
content, FC related to the grain-size composition. As the fines content or (emax-emin) 
increases, the steady state shifts downwards in the e-p' plot or the relative density Dro 
corresponding to eo. This implies that, at a given relative density, loose samples containing 
fines are more contractive and show greater potential for strain softening than clean sands. 
This feature of the undrained behaviour of sands was further investigated by testing 
samples of Christchurch soils with different fines content using conventional triaxial 
compression tests (Rees, 2010). Similar influence of fine contents on undrained behavior 
of sand was mentioned by Pitam et al. (1994), Verdugo and Ishihara (1996), and Murthy et 
al. (2007. The vanayagam (1998) showed that; if the fines content is higher than a value of 
about 30%, soil behaves in a manner similar to that with pure fine particles.  
Moreover, it is not only the fines content that influences the undrained response. Gradation, 
particle morphology, and mineralogy also have effects. Jefferies and Been (2006) pointed 
out that hard, round, quartz sand is less compressible and has a low value of λ, and 
crushable, angular sand is more compressible and has a high value of λ. The CSL of well 
graded sand in the e-lnp’ plane is usually located below that of uniformly graded sand. 
Santamarina and Cho (2004) and Cho et al. (2006) showed that increased angularity led to 
a decreased stiffness, higher critical state friction angle, and increased Γ, but weak effect 
on λ. Kokusho et al. (2004) showed that the critical state strength (residual strength) for 
well-graded sand were at least 8 times higher than that for poorly-graded sand under 
undrained monotonic loading, indicating the significance of gradation in liquefaction 
susceptibility.     
2.4 Unsaturated Soil Mechanics  
Naturally deposited soil above the ground water normally exits in unsaturated conditions. 
An unsaturated soil has more than two phases and the pore-water pressure is negative 
relative to pore-air pressure (Fredlund et al., 2012). Any soil near the ground surface where 
the water table is below the ground surface, will be subjected to negative pore water 
pressure probably due to the reduction in degree of saturation. There is strong need of 
differentiation on saturated soils and unsaturated soils because of basic differences in the 
material nature and engineering responses. An unsaturated soil actually consists of four 
phases rather than the commonly referred to three phases. In addition to the solid, air, and 
water phases, there is the air-water interface that can be referred to as the contractive skin 
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(Fredlund and Morgenstern, 1977). Fig. 2.8 illustrate the possible different conditions of 
soils in the field. 
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Fig. 2.9 Classification of the regious within a saturated-unsaturated soil profile (Fredlund 
et al., 2001) 
2.4.1 Pore pressure in an unsaturated soils  
Voids in an unsaturated soil is filled with a mixture of air and water. The behavior of an 
unsaturated soil under undrained loading depends on the magnitude of the pore-air and 
pore water pressure developed. The concept of pore pressure parameters has been found to 
be appropriate (Skempton, 1954; Sishop, 1954) to obtain a visualization of how the pore 
pressures respond to various applied stress changes. Hilf (1948) formulated an equation for 
the pore-air pressure developed in an unsaturated soil as a result of total stress changes 
under undrained conditions. Hilf (1948) utilized Boyle’s and Henry’s laws and assumed 
that the change in the pore-air pressure was equal to the change in the pore-water pressure. 
Skempton (1954) and Bishop (1954) presented the concept of pore pressure coefficients. 
Bishop and Henkel (1962) proposed two pore pressure coefficients, aB and wB , to 
represent the induced pore –air and pore-water pressures, respectively, due to a change in 
applied load. Similar types of pore pressure parameters have recently been proposed for 
the sands (Harris and Sobkowicz, 1978 & Dusseault, 1979).The B pore pressure 
parameters (i.e., aB and wB ) are derived utilizing the stress state variables for an 
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unsaturated soil (Fredlund and Morgenstern , 1977) and proposed constitutive relations 
(Fredlund and Morgenstern 1976; Fredlund, 1976).  
The B pore pressure parameter is derived considering a simple elastic model in which the 
soil skeleton and the pore-fluid phases are represented by compressible springs. Skempton 
(1954) and Bishop (1954) derived the following equation for the B pore pressure 
parameter; 
)1.2(
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Where,  
wu = change in pore-water pressure, 3 = isotropic change in total stress, n = porosity, 
wC = compressibility of water and cC - compressibility of the soil sketelon. 
In a saturated soil, the compressibility of the water is small relative to the soil skeleton 
compressibility and therefore, the B pore pressure parameter approaches 1. The B 
parameter decreases with the decrease in the degree of saturation since air makes the pore 
fluid highly compressible. The Skempton (1954) and Bishop (1954) analysis did not take 
into account surface tension effects which result in different pressure in the air and water 
phases. 
It is possible to derive two pore pressure parameters to predict changes in the pore –air and 
pore-water pressure as a result of an isotropic total stress change (Fredlund and Hasan, 
1999). The pore pressure parameters are defined as; 
 2.2
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Where, au = change in pore-air pressure 
The pore pressure response of unsaturated soils is dependent upon the degree of saturation, 
porosity, total stress and the relative magnitudes of the compressibility of various phases of 
soil pore. 
2.4.2 Stress components in unsaturated soils 
When a soil mass is loaded, it deforms and then a counter balance force is generated so as 
to balance the load. Although soil consists of a soil particle and pore fluid (generally 
water), the pore fluid does not resist the shear force. The pore water migrates within the 
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soil skeleton subjected to hydraulic boundary conditions. When the soil pore is filled only 
with water (saturated condition), Terzaghi’s effective stress component is applicable. 
However, for unsaturated soils, where the pore space is filled by both air and water, the 
effective stress component is different than the soil at saturated condition. Bishop et al. 
(1960) initiated the study of mechanical behavior of unsaturated soils. They performed 
suction controlled triaxial compression tests and examined the roles of net normal stress 
 anet u   and matric suction  wa uuS   in the stress-strain and strength 
characteristic of unsaturated soils.  
In saturated soils, Terzaghi’s effective stress component is; 
)3.2(' auw   
And, )3.2(' buw  
Where,  = total stress, ' = effective stress and wu = pore-water pressure. Equation 
(2.3a) sows that the pore-water pressure wu is generated so as to balance directly a part of 
the applied load (total stress). The residue of the applied load contributes to deform the 
soils as the effective stress ' . In other words, the effective stress is a component of stress 
which is transmitted through the soil skeleton from one boundary surface to another.  
Even in the unsaturated state, Terzaghi’s effective stress equation is satisfied as long as the 
air exists in the form of bubbles that are isolated from the soil skeleton and in an occluded 
form. However, when the air exists as a continuous phase in the soil pore space, the 
pore-water pressure wu  in equation (2.3a) and (2.3b) should be replaced by the pore air 
pressure au ; 
)4.2( auanet   
Therefore 
)4.2( buanet   
net is the set normal stress and is the stress component which is conducted through the 
soil particle. Bishop (1959) tried to explain effective stress for unsaturated soils in a 
similar manner with equation (2.4a) and (2.4b), therefore; 
 auu amwm 5.2)1(  
  
Therefore 
 buuuuu wamnetwama 5.2)()()( 
   
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Where, 
  = effective stress for unsaturated soil proposed by Bishop, and m denotes the 
ratio of sectional area of meniscus water to that of the soil mass. 
2.4.3 Liquefaction in unsaturated soils 
Generally, unsaturated soil do not liquefy during earthquake shaking because of the high 
compressibility of air presents in the soil pore. Previous study revealed that in case of 
clean sand, the cyclic shear strength of fully saturated soil doubles when the degree of 
saturation decrease to 90% under ordinary testing conditions ( e.g. Yoshimi et al., 1989;  
Tsukamoto et al., 2002; Selim et al., 2006).  
The liquefaction resistance of unsaturated sand was examined in detail by Unno et al. 
(2008). In their study, possibility of soil liquefaction triggering in unsaturated clean fine 
sand was discussed in relation to the developments of pore air and pore water pressure as 
well as volumetric strain, and it was concluded that even when the degree of saturation is 
small, the pore air pressure and pore water pressure develop to become equal to the initial 
confining stress during cyclic loading, which they defined as the occurrence of soil 
liquefaction in unsaturated soils. To understand the mechanics of unsaturated soil behavior; 
Higo et al. (2013) had a close look at localized deformation developed within partially 
saturated sand subjected to triaxial compression, by using microfocus X-ray CT with 
digital image correlation. 
Tsukamoto et al. (2014) conducted the series of undrained cyclic triaxial test and examined 
the two silt sands under unsaturated, partially saturated and fully saturated conditions. 
They used the special triaxial test apparatus equipped for testing unsaturated soil as well as 
ordinary triaxial test apparatus for testing partially saturated and fully saturated soils. They 
observed the possibility of soil liquefaction triggering under different degree of saturation 
based on the observation of volumetric strain, pore air and pore water pressure of 
unsaturated soil specimens. In their study, two unsaturated silty sands with different grain 
size compositions were found to give rise to different responses on the volumetric strain as 
well as pore air and pore water pressure developments during undrained cyclic loading, 
leading to different relations between cyclic resistance and degree of saturation, covering 
unsaturated, partially saturated and fully saturated conditions. They look at the triggering 
of soil liquefaction with the most comprehensible way of reduction of net stress,
anet u , though it is also necessary to pay due attention to the change in the matric 
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suction, wau uuS  .  
It was also demonstrated by Unno. et al. (2008) that the development of volumetric strain 
can be used for estimating soil liquefaction triggering for unsaturated soils. Where it is 
possible to assume that the entire volume of pore air within a soil specimen could diminish, 
the maximum value of volumetric strain 
av,  is give as follows;  
 6.2
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Where e is the void ratio and rS is the degree of saturation. However, it was assumed by 
Unno et al. (2008) that at the onset of soil liquefaction for unsaturated soils, the pore air 
pressure rises and becomes equal to the confining stress, leading to the following 
equilibrium equation: 
   7.2__ aaoabsoaoabsao VVxxVu    
Where aoV = is the initial volume occupied by pore air and aV  is the volume change of 
unsaturated soil structures, while 
absaou _  and abso_  are the initial pore air pressure and 
the confining stress, defined both in absolute pressures. By introducing the relations of 
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’ the above equation is rewritten and the 
liquefaction-inducing volumetric strain 
lv , can be determined as follows; 
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2.5 Liquefaction Potential Evaluation  
2.5.1 An overview of liquefaction assessment procedures  
There are mostly two methods in practice for assessing the earthquake-induced 
liquefaction resistance of soil. After the disastrous earthquakes in Alaska and in Niigata, 
Japan in 1964, Professors H. B. Seed and I. M. Idriss developed and published a 
methodology termed the ‘‘simplified procedure’’ for evaluating liquefaction resistance of 
soils (Seed and Idriss, 1971). Similarly, Japan Road Association (JRA, 2002) proposed two 
simplified methods with use of factor of safety against liquefaction  LF and a liquefaction 
index  LI  to evaluate the liquefaction potential of saturated sandy soils. Based on the 
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proposed methods by Seed and Idriss (1971) and JRA (2002), the liquefaction potential 
can be estimated simply by using the fundamental properties of soils, i.e. SPT-N values, 
unit weights, mean particle diameters, fine content. Simplified procedure after the seed and 
Idriss (1971), a large volume of literatures has been add to this system. A brief summary 
on different aspects of the simplified procedures has been given by Youd et al. (2001). 
2.5.2 Condition for Liquefaction 
Liquefaction does not occur in all types of the soil. Some specific condition should be met 
for occurrence of the liquefaction. Those conditions are as follows; 
 The ground must be a loose sandy deposit. 
 The ground water table must be shallow and the ground is saturated. 
 The earthquake intensity must be high and the duration of earthquake shaking is 
sufficiently long. 
2.5.3 Factor affecting the liquefaction susceptibility  
The occurrence of liquefaction is affected by various Geotechnical factors, which are 
classified into three categories: soil properties, geological conditions, and ground motion 
characteristics. They are summarized in Table below. Both material characteristics and 
geological conditions, which are generally called ground characteristics, control the 
loading condition caused by earthquake. There are many factors that govern the 
liquefaction process for in-situ soil. Based on the results of laboratory tests as well as field 
observations and studies, the most important factors that govern liquefaction are as shown 
in Table 2.1 
Table 2.1 Factors that effects the occurrence of liquefaction 
Soil 
properties 
Unit weight, grain size distribution, fines content, the average grain size, 
clay content, plasticity index, relative density, structure skeleton, shear 
modulus, damping ratio, coefficient of volume compressibility, degree of 
saturation, specific gravity of soil particle 
Geological 
condition 
Water table, geological age, total stress, effective stress, over 
consolidation ratio, earth pressure at rest, initial static shear stress, 
boundary condition against seepage: drainage condition 
Earthquake 
motion 
Horizontal acceleration, magnitude of earthquake, intensity of seismic 
shear stress and number of cycles or duration, strain level, direction of 
shearing 
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2.6 Liquefaction Hazard Analysis Methods  
Various methods available to predict the liquefaction hazard, which are proposed by 
different researchers. Most of the available methods are based on two basic approaches; 
Qualitative method and Quantitative method. The analysis of liquefaction potential 
following the qualitative methods has been studied by Iwasaki et al. (1982), Youds et al. 
(1978) and Juang and Elton (1991). Whereas the quantitative methods of analysis have 
been studied by various authors such as, Seed and Idriss (1971, 1979), Shibata (1981), 
Tokimatsu and Yoshimi (1983), NRC (1985), Youd et al. (2001), JRA (2002), Cetin et al. 
(2004), Idriss and Boulanger (2010) etc. The fundamental structure adopted by numerous 
researchers for the analysis of liquefaction hazard is comparing the earthquake induced cyclic 
stress ratios (CSR) with the cyclic resistance ratios (CRR) of the soil. Both the techniques have 
been tested and found very useful for the liquefaction hazard assessment. These two 
methods shortly described here below. 
2.6.1 Qualitative Analysis:  
Quantitative analysis of liquefaction hazard assessment requires enough geotechnical 
parameters such as N-value, Overburden pressure, density etc, which can be only obtained 
by in-situ measurement using field instruments. But to get such parameters are very 
difficult and expensive. With the lack of geotechnical data, it is not suitable to carry out 
liquefaction hazard assessment in the large coverage of the area using quantitative analysis 
method. So now a day in most of the world including in the Unites states, Japan and in 
other developed countries qualitative analysis gives more importance. This method is 
basically used in the geological and topographical situation of the place. The qualitative 
analysis for liquefaction hazard assessment is generally carried out for the preliminary 
investigation results of the places to know whether the area is susceptible to liquefaction or 
not, if yes in what scale, high or low? According to this scale of the susceptibility future 
plan can be made in the particular place for the development activities.  
Basic conditions required for this process are; 
 Water table less than 10m 
 Holocene deposits 
 History of past occurrences of liquefaction 
 Seismically active areas 
If any area is met with these conditions, then the area can be considered as susceptible for 
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liquefaction hazard. 
2.6.2 Quantitative Analysis 
The Liquefaction potential of a soil layer can be determined through either laboratory tests 
on undisturbed soil samples or from in-situ tests. A combination of both the methods can 
also be used in the analysis. The common in-situ tests for liquefaction hazard analysis are 
performed by using the Standard Penetration Test (SPT), Cone Penetration Test (CPT), and 
The Shear Wave Velocity Technique (SWV) etc.  
2.6.2.1 Laboratory test 
Different types of laboratory test are used to explore the liquefaction behavior of soils. 
This involves cyclic triaxial tests, cyclic simple shear tests, cyclic torsional shear tests, 
shaking table tests and centrifuge model test. Among these, cyclic triaxial tests are mostly 
used for liquefaction evaluation.  Test results from the other types of tests can be 
correlated with the results from cyclic triaxial test. The commonly adopted failure criterion 
in cyclic triaxial test is to attain either 5% double amplitude strain, or pore pressure equal 
to the effective confining pressure. The correlation of strengths measured in the laboratory 
tests and in-situ is expressed as (Seed,1979): 
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In which Cr depends on the test type and relative density of testing sample. Undisturbed 
samples taken from the field is preferred. Even in undisturbed sample, disturbance during 
the operation of sampling may still cause a large reduction in the strength (Yoshimi et al. 
1989a). To overcome the sample disturbance, in-situ freezing technique for obtaining the 
high quality samples was developed (Tokimatsu and Ohara, 1990; Sego et al., 1994). 
However, the cost of freezing technique is relatively high and cannot be used in common 
practice due to economic reasons. Standard Penetration Test (SPT), or Cone Penetration 
Tests are widely used in the liquefaction evaluation because of the low cost. Centrifuge 
tests and shaking table tests are usually conducted to verify the result of the numerical 
analysis. To know the liquefaction phenomena during the earthquake, physical modeling 
are usually conducted. 
2.6.2.2 Standard Penetration Test 
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Standard penetration test (SPT) is one of the most commonly used tests for the evaluation 
of liquefaction. The test result, SPT N-value, is obtained by counting the number of blows 
(a hammer falling from certain height) that requires to drive a standard tube 30cm into the 
ground. By investigating the liquefaction and non-liquefaction cases in Niigata, Kishida 
(1966), Koizumi (1966), Seed and Peacock (1971) found a strong correlation between 
SPT-N value and CSR.  Similarly, JRA (2002) also proposed a correlation between 
SPT-N value and CSR to separate liquefiable and non-liquefiable location based on the 
past earthquake histories.  The correlation proposed by Seed and Peakcock (1971) and 
JRA (2002) are shown in Fig. 2.9 and 2.10 respectively. 
Liquefaction 
No-Liquefaction
 
Fig. 2.10 SPT-based liquefaction triggering curves from liquefaction case histories (after 
Idriss and Boulanger, 2010) 
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Fig. 2.11 SPT-based liquefaction triggering curves from liquefaction case histories (after 
JRA, 2002) 
As shown in Fig. 2.9 and 2.10 a corrected SPT N-value is used, in which N-value is 
normalized to an effective over-burden pressure of 100kPa and also the N-value with fine 
contents were correlated to clean sand. 
2.6.2.3 CPT method  
Cone Penetration Test (CPT) method is conducted by pushing a 3.57cm diameter 55o to 
60o cone through the underlying ground at a rate of 1 to 2 cm/sec. Basic test data involve 
cone tip resistance and sleeve friction. More frequently, CPT with the pore pressure 
measurement (Piezocone) and the wave velocity measurement (Seismiccone) are used. 
Compared to the SPT, the CPT has many advantages, such as, results are more repeatable 
and consistent, the data is continuous, and the CPT soundings provide multiple channels of 
data, in contrast with a single N-value in SPT tests. Major limitation of this method is lack 
of soil sampling and difficult to penetrate through gravels and cobbles. 
A typical relationship between CRR and normalized CPT tip resistance is shown in Fig. 
2.11 (Robertson and Wride, 1998). It can be seen that the curves is specific to clean sand 
with fine contents less than 5% and for earthquake magnitude of 7.5M.  
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Fig.  2.12 CPT-based liquefaction triggering curves from liquefaction case histories (after 
Robertson and Wride, 1998) 
2.6.2.4 Shear wave velocity  
The shear wave method measures the propagation velocity of elastic shear wave in the soil 
and relates it to the identification of soil liquefaction. This method possesses many 
advantages over the conventional SPT and CPT techniques; (1) Shear wave measurement 
can be conducted in both in-situ and laboratory conditions, thus the correlation between 
in-situ test results and laboratory test results can be easily made; (2) the small-strain shear 
modulus can be directly measured; (3) Less workload and lower cost are needed. Many 
researchers attempted to obtain a correlation of CRR and shear wave velocity similar to 
methods using SPT and CPT (Tokimatsu and Uchida, 1990; Andrus and Stokoe, 2000; Liu 
and Mitchell, 2006; Zhou and Chen, 2007; Zhou et al., 2010). The correlation proposed by 
Andrus and Stokoe (2000) to separate liquefaction and no liquefaction zone is shown in 
Fig. 2.12. The shear wave velocity in Fig. 2.12 is normalized by effective over-burden 
stress and the earthquake magnitude is correlated to M7.5. 
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Fig. 2.13 Shear wave-based liquefaction triggering curves from liquefaction case histories 
and S-wave measurements at sites (after Andrus and Stokoe, 2000) 
2.7 Liquefaction countermeasures 
Countermeasure against liquefaction can classified into two categories: the prevention of 
liquefaction and the reduction of damage to structures due to liquefaction. Prevention of 
liquefaction can be done by two techniques: 1) methods that directly change the soil 
properties (e.g. Densification, solidification, replacement and desaturation) and 2) methods 
that changes the stress, strain or drainage conditions eg., lowering of the groundwater table, 
shear strain restraint or vertical drain. Although there are several countermeasure 
techniques available in literature but in application few are in a common practice. The 
most challenges to implement the available countermeasure technique is either they are 
expensive or limited to the new construction site. Table 2.2 gives a brief description of the 
technique of some countermeasures with unit cost practice in japan ( Kishida, Sandanbata, 
Sueoka et al. 2009). Details of these methods found in “Report of technical committee: 
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Table 2.1 Countermeasure technique against soil liquefaction (Kishida, Sandandata, Sueoka et al., 2009) 
Basic Principle Technique Outline 
General cost 
(JPY/m3) 
Noise 
Vibration 
Disturbanc
e of soil 
Machine 
size 
Displacemen
t control 
Densification 
Sand Compaction 
Method 
Compacted sand piles are installed by driving down and extracting up a 
vibrating steel shaft 
1000-2000 Higher More Big More 
Vibro compaction 
A vibrator implemented at the tip of extension tube carries out compaction 
at designated depths 
1000-2000 Higher  More Big More 
Quiet compaction 
Casing pipe is penetrated and withdrawn a little at a time with rotational 
force to achieve soil compaction 
2000-3000 Lower More Big More 
Compaction grouting 
A very stiff grout mix,with an almost zero slump, is injected under relatively 
high-pressure to the compact surrounding soil. 
10000-15000 Lower More Small More 
Drain 
Gravel drains 
Gravel piles are vertically installed into the ground to accelerate the 
dissipation of excess pore water pressure induced by seismic events 
2000-4000 Lower Less Big Less 
Artificial drain 
Artificial drains such as PVD are installed into the ground to accelerate the 
dissipation of excess pore water pressure induced by seismic events 
2000-4000 Lower Less Middle Less 
Replacement 
Pre-mixed soil 
Stabilized grounds are constructed using soils mixed with chemical agent 
such as cement prior to placing in dry or slurry form 
3000-4000 Lower More Big More 
Light weight soil 
Stabilized grounds are constructed using soils mixed with cement along 
with foam or light weight material 
8000-12000 Lower More Big More 
Solidifying 
Deep soil mixing 
In-situ soils are mixed with a binder, such as cement or lime supplied in dry 
or slurry form, using rotating blade. 
4000-6000 Lower Less Big More 
Jet  grout 
A high pressure fluid is jetted out from the tip of extension rod, to allow 
in-situ soils eroded and mixed with cement grout. 
20000-60000 Lower Less Small More 
Chemical grouting 
Chemical grouts, composed of additives such as sodium silicate or polymer, 
are injected into the ground to improve its strength or lower its permeability 
20000-30000 Lower Less Small Less 
Permeation grouting 
Durable chemical grouts, specially manufactured to remove anti-durable 
factor, is injected into the ground to increase liquefaction resistance 
20000-30000 Lower Less Small Less 
Reinforcing 
Additional piles 
Additional pile installation or reinforcing around pile heads increase 
structural resistance. 
20000-50000 Lower Less Small More 
Sheet pile reinforcing 
Sheet piling surrounding structures works to protect its foundation; also 
effectively works as a stopper on the excess pore water pressure during 
seismic events 
20000-50000 Lower Less Small More 
Solidifying reinforcing 
Solidifying soils around foundation works, in some degrees, as structural 
reinforcing 
20000-50000 Lower Less Small More 
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ground improvement method for beneath and around existing structures aiming for 
contribution to business continuity” Kanto branch of the Japanese Geotechnical Society, 
March 2009). 
2.7.1  Liquefaction remediation using biocement 
Application of biocement is one of new research topics in geotechnical engineering in 
recent years. One potential application of biocement is liquefaction remediation. 
Biocement is usually more suitable for the treatment of sandy soils than clay soils due to 
the larger pore space in sandy soils which can accommodate microbial activities and 
liquefaction is a major problem for sandy soils. The application of biocement in 
liquefaction remediation is intended to induce cementation into sands so that sand is more 
resistant to cyclic loading. Calcite precipitation is achieved by the microbial-induced 
calcite precipitation technique, MICP. In this process, urease-producing bacteria are 
employed to dissociate the dissolved urea. At first, bacteria dissociate urea and produce 
ammonium that increases the pH of the solution. The series of reversible reactions take 
place in the elevated pH, producing carbonate ions  23CO  as final product. Calcium ions, 
supplied by a solution of calcium salts, combine with the produced carbonate ions to form 
mineralized carbonate, i.e. 3CaCO . 
Harkes et al. (2010) reported that precipitated CaCO3 serves as binding material; it binds 
soil; particles and results in the improved mechanical properties of soil. DeJong et al. 
(2006) reported that biocemented sand showed much higher strength and shear stiffness at 
the initial stage, followed by gradual reducing trends in deviatric stress and shear stiffness. 
The high strength and stiffness at the initial stage was thought to be due to the cementation 
effect, and the gradual reducing trend afterwards was due to the degradation of the 
cementation agent. Regarding the spatial distribution of calcite, Dejong et al. (2010) 
reported that calcite tended to grow on the contact points between sand particles rather 
than on the particles surface where there was no particle contact. Dejong et al. (2010) also 
proved that, during shear, the breakage of cementation was mostly in the calcite rather than 
between the interface of calcite and sand particles. Van Paassen et al. (2010) investigated 
the feasibility of the calcite precipitation technique as a ground-improved method via a soil 
specimen of 100 m3.  The treatment fluid was injected from three injection wells and 
pumped from three extraction wells to enhance the extent of treated area. The result 
showed that most of the sands had a noticeable improvement in strength and stiffness. 
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Chen et al. (2013) studied calcite cementation at various degrees of saturation. Most of the 
works on MICP are limited to the laboratory scale. However, the field application of the 
MICP technique has already been carried out to strengthen gravel for borehole stability 
during horizontal drilling (van der Star et al., 2011).  
There is some complexities with the MICP technique. The bacterial incubation requires a 
special environment. The transport of bacteria (and hence, bacterial activity) may be 
limited in fine-grained soils (van Paassen et al., 2010). The high concentrations of urea 
and/or calcium chloride may have an inhibitory effect on the bacterial activity (Nemati et 
al., 2005). To overcome this difficulties, Yashuhara et al. (2012) proposed enzyme 
mediated calcite precipitation (EMCP) to be an alternative in-situ calcite precipitation 
technique. In this technique, purified urease crystal are employed for the dissociation of 
urea. Using the enzyme itself is more straightforward than using bacteria because the 
cultivation and the fixation of bacteria (i.e. biological treatment) do not need to be 
considered (Yasuhara et al., 2012). This is because, unlike microbial method, enzyme is 
mixed and injected along with the reagent solution in enzymatic method, hence the 
fixation of enzyme is not required.  
2.7.2 Desaturation as a liquefaction countermeasure 
Natural soil deposits below the groundwater table are usually fully saturated or nearly 
saturated (Tsukamoto et al. 2002). Some experimental data show that air bubble inclusion 
in a triaxial sample can cause a reduction in Skempton`s pore pressure coefficient B-value 
and an overestimation of the cyclic strength of sands (Martin et al. 1975; Sherif et al. 1977; 
Chaney, 1978; Yoshimi et al. 1989b;, Xia and Hu, 1991; Tamura et al., 2002; Yang, 2002; 
Yang et al., 2004; Okamura and Soga, 2006; Altun and Goktepe, 2006; Bouferra et 
al.,2007). In this case B-value is defined as the ratio of the increase of pore water pressure 
to the effective confining pressure. There is a relationship between the degree of saturation 
and the B-value, it is normally required to achieve a B-value larger than 0.95 in triaxial 
tests to assure full saturation of the test sample. So the reduction of the B - value means the 
reduction of the degree of saturation and increasing of the liquefaction strength of the 
saturated soil. 
The studied carried out so far showed the effectiveness of the desaturation as a liquefaction 
countermeasure. Major concern is how to desaturated the naturally deposit saturated soil 
and how long will it sustain the unsaturated condition of desaturated soil? The recent 
studies showed that injection of air into the ground could lower the degree of saturation 
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significantly (Tokimatsu et al. 1990; Okamura et al 2003) and the lowered degree of 
saturation can be sustained for a long time more than ten years (Okamura et al. 2006).  
 
Fig. 2.14 Relation between potential volumetric strain and liquefaction resistance ratio 
(Okamura and Soga, 2006) 
Recent studies showed the potential of artificially desaturation as a remedial measure for 
liquefaction (Pietruszczak et al. 2003; Okamura and Soga, 2006; Yegian et al., 2006, 2007; 
Okamura et al. 2011; Okamura et al., 2012). Even a small amount of decrease in the degree 
of saturation can double the liquefaction resistance of the soil. Okamura and Soga (2006) 
derived influential factors (Volumetric strain, v  ) of the liquefaction resistances of 
partially-saturated sand from theoretical considerations and the effects of the factors were 
examined through a series of triaxial tests. They concluded that the potential volumetric 
strain ( 
v ) owing to the compression of pore fluid would play a dominant role. A unique 
relationship was found between liquefaction resistance ratios and the potential volumetric 
strain as depicted Fig. 2.13, which enable the estimation of the liquefaction resistance of 
partly-saturated sand. The volumetric strain increased and reached at maximum (potential 
volumetric strain, v ) when pore pressure increase and reached to its initial effective 
confining pressure. Okamura et al. (2012) reported that this technique is more effective 
especially with higher effective overburden pressure. It is relevant to evaluate this 
technique on the liquefiable foundation soil with relatively low confining pressure eg. 
Liquefiable foundation soil below residential building and life line facilities. 
2.7.3 Methods of desaturation 
Recent investigations have revealed that the degree of saturation of originally saturated 
soil can be lowered artificially by applying different techniques (Okamura et al., 2006; 
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Yegian et al., 2007; Okamura et al., 2011 and He, 2012). In order to use desaturation as an 
engineering method for liquefaction remediation, air-generation methods should satisfy 
some requirements; (1) the degree of saturation can be controlled precisely; (2) distribution 
of the generated air in the soil pore should be uniform; (3) Air bubbles can retain in soil for 
a relatively long time (this required the air to have low solubility, inert chemical behavior, 
and stability for staying underground). The recent efforts on artificial desaturation can be 
summarized from the following methods; 
2.7.2.1 Air injection method 
The process of air injection for the mitigation of soil liquefaction has been experimentally 
investigated by Okamura et al. (2011).  Air injection was conducted at liquefiable soil 
ground near the quay wall. The air was injected from the bottom of the liquefiable layer by 
inserting a plastic pipe in to the ground. Some small holes were drilled on the plastic pipe 
at the injecting point. Pressurized air was supplied by a flexible tube connecting to the 
injecting point of the plastic pipe. Test results showed that the desaturated zone was within 
4 m from the injection point. After halting air injection, frozen soil samples were recovered 
and measure the in-situ degree of saturation in the laboratory and found between 88.4- 
98.4 % in the silty sand layer and between 65-88% in the gravel mixed fine sand layer 
which were almost low enough to double the cyclic strength. They also standardized the 
air injection pressure, the minimum pressure required to flow the air should be higher than 
the hydrostatic pressure plus capillary pressure (Air entry value of soil, AEV). Air injection 
pressure should be smaller than the effective confining pressure (vertical or horizontal, 
whichever is smaller), to avoid cracking or fissuring of soil around injection point. 
   10.2
min
AEVPP hydinj   
     11.2,min ''
max horizontalverticalinj
P    
3D electric resistivity tomography was used to record the degree of during the air injection. 
The degree of saturation obtained through the freezing soil sampling and electric resistivity 
are comparable.     
2.7.2.2 Water electrolysis method 
Yegian et al. (2007) investigated the technical feasibility of desaturation technic by 
introducing small amounts of gas into liquefaction-susceptible soils by electrolysis process. 
The results show that partial saturation can be achieved by gas generation using 
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electrolysis without influencing the void ratio of the specimen. The results from cyclic 
tests demonstrate that a small reduction in the degree of saturation can prevent the 
occurrence of initial liquefaction. In all of the partially saturated specimens tested, the 
maximum excess pore pressure ratios ranged between 0.43 and 0.72. Also, the cross-well 
radar technique was able to detect changes in the degree of saturation when gases were 
generated in the specimen.  
In this study, electrolysis, which is the ionization of hydrogen and oxygen when a current 
is sent to electrodes in water, is used to entrap gas molecules in saturated specimen. 
Electrolysis was selected as an efficient application to induce partial saturation since it 
introduces gas into the soil pores without application of any pressure. Water electrolysis 
produces oxygen and hydrogen gases at the anode and cathode, respectively, as follows:  
At the cathode:  12.22444 22 
 HOHeOH   
At the anode:  13.244 22 
 OHeOH  
Strain-controlled shaking table tests were performed for both saturated and desaturated 
sands. Two rectangular meshes (20cm x 33cm) made of titanium coated mixed metal 
oxdies (MMO for high electrolysis efficiency and to prevent electrode) were used as 
electrodes. The distance between the two meshes was around 29cm. The soil sample was 
prepared by wet pluviation method. The cathode was placed at the bottom of the model 
box and the anode was placed at the top. The degree of saturation was measured by 
carefully inspecting the water level rise in the model box. Under an electric current of 525 
mA for a duration of 3 to 5.5 hours, the degree of saturation was reduced from full 
saturation to 96.3%. The amount of gas produced due to electrolysis can be roughly 
evaluated by the Faraday’s law: 
       14.2
1
2
1
4
1
22 t
FF
I
HnOngasn 





  
In which, n  is the moles of gas, I  is the electric current, F  is Faraday’s constant, and 
t  is time duration. And mole of gas can be converted to volume as: 
 15.2
P
nRT
V    
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In which, R is ideal gas law constant T is temperature, and P is absolute gas pressure.  
2.7.2.3 Microbial denitrification method 
He (2012) investigated the microbial denitrification as a new desaturation technique for 
liquefaction mitigation. Microbial denitrification process is used for the production of N2 
gas bubbles in sand. The mechanical behavior and liquefaction potential of biogas 
desaturated sand have been studied using triaxial tests. The effectiveness of the biogas 
method for the mitigation of sand liquefaction under cyclic load has been verified using a 
laminar box and shaking table testing system. 
Batch experiments were conducted to investigate the favored conditions for the growth of 
denitrifying bacteria and the preferred conditions for the progress of the denitrification 
reaction. Three batches, with ethanol, sodium acetate, and methanol, as electron donors, 
respectively, were used.  
 16.2129610125 222352 KOHOHNCOKNOOHHC 
 17.28541085 22233 KOHNaOHOHNCOKNOCOONaCH 
 18.2673565 22233 KOHOHNCOKNOOHCH 
Experiment was carried out in the sealed bottles. 
The gas generation process was studied using a small size sand column. The Nitrate-N 
concentrations in the samples were varied from 125-374 mg/L. The reaction was 
completed in around 3 days and the reaction rates were similar for all the samples. The 
lowest degree of saturation that did not cause nitrite accumulation was 82.7% which was 
low enough to considerably mitigate the liquefaction potential.  
For loose sand in the undrained triaxial tests, the undrained strength became higher when 
the degree of saturation became lower. When the pore water pressure coefficient B-value 
decreased from about 0.95 (saturated state) to around 0.3, the undrained shear strength 
showed a 2.1- time increase in the compression tests and a 1.7 time increase in the 
extension tests.  
A fully instrumented laminar box and shaking table testing system was performed to study 
the liquefaction responses of biogas desaturated sands. Test results showed that 
liquefaction occurred for saturated samples at loose states under 2max /5.0 sma  and at 
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medium dense states under 2max /5.1 sma  .Liquefaction did not occur for biogas 
desaturated samples with the degree of saturation in the range of 80% to 95% given the 
other conditions the same. 
Computer tomography (CT) technique was adopted to observe the inner structure and gas 
distribution of the biogas desaturated sand samples. For saturated sand, the distribution of 
sand particles and pore voids were relatively uniform. For desaturated sands with the 
degrees of saturation in a range of 88-97%, there were small single gas bubbles in the pore 
voids. However, there were also some pockets of gas/water conglomerates formed by 
aggregated bubbles in water. 
A sand column was used to evaluate the stability of gas bubbles in sand under both 
hydrostatic and flow conditions. Under hydrostatic condition, there was almost no change 
in the degree of saturation. Under both upward and downward flow conditions with a 
hydraulic gradient of 0.1, desaturated sand with degree of saturation of around 89% could 
gradually become saturated in 3-5 days. The gas was taken away in the dissolved form. 
From these results he concluded that gas bubbles in sand are stable at hydrostatic condition, 
while water flow could affect the stability of gas bubbles in sand. 
2.7.2.4 Sand compaction pile method 
The sand compaction pile technique has been used to enhance the liquefaction resistance of soil.  
The primary consideration of this technique is to enhance the cyclic strength of liquefiable soil by 
densification. However, improved ground by SCP may inject the large amount of air exhausted 
from casing pile which desaturate soils in an improved area. Tokimatsu and Yoshimi (1990) 
reported that primary wave velocities observed in a SCP improved ground were unusually low, 
indicating that the soil was desaturated. Since degree of saturation of soils, Sr, has a significant 
effect on the liquefaction resistance (e.g. Sherif et al., 1977) and the injected year during the sand 
compaction pile installation time further enhance the liquefaction resistance of soil. It is important 
to investigate degree of saturation of grounds improved with SCP. Okamura et al. (2003, 2006) 
reported the positive effects of injected air on liquefaction resistance through the SCP. The primary 
wave velocity has successfully been employed to evaluate degree of saturation of almost fully 
saturated sands (e.g. Ishihara et al. (1998), But it is difficult to use pV  to determine rS  of 
partially saturated soils with rS  lower than a certain value, say about 98 %, because pV  
becomes essentially insensitive to a change in rS  for soils with lower rS . Okamura et al. (2003, 
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2006) evaluated the rS  of partially saturated soils using the undisturbed samples obtained by the 
ground freezing technique. In their study, the specific gravity, the water content and the unit weight 
of each frozen specimen were measured and degree of saturation was calculated. 
.They found that the improved ground as well as the sand pile contained considerable amount of air. 
The degree of saturation was in a range between 70 % and 91 %. This fact implies that the 
liquefaction resistances of the improved sand are considerably higher than those obtained from the 
N-value based conventional method which is only available for fully saturated soils. It was also 
found that degree of saturation after several years was noticeably, bit not significantly larger than 
that shortly after ground improvement. 
In Summary, there are several methods available that can considerably desaturated the soil below 
ground water table. Chemical and microbial methods can generated the air in fairly uniform around 
the soil pore but it has limitation to generate favorable environment in the real field. The air 
injection method seems more reliable and environment friendly and it has already implemented in 
the real field (Okamura et al, 2011). The process applied to inject air in this technique looks simple 
with well controlled mechanism.  
2.8 Numerical simulation  
Most of the liquefaction study is still limited on the laboratory experiments which is costly 
and time consuming. There are some studies available in the literature which were focused 
to predict the liquefaction potential and effectiveness of remedial measure applied (Matsuo 
et al., 2000; Kamai and Boulanger, 2013; Dashti and Bray, 2013; Mitsuji, 2008; Gao et al., 
2013). Matsuo et al. (2000) reported that to verify the ability of numerical method they 
simulated to two sets of case records; 1) a series of dynamic centrifuge model tests of soil 
embankments resting on liquefiable sandy soils, and 2) a set of river embankments that 
were damaged and undamaged during the 1993 Hokkaido Nansei-oki earthquake.  The 
numerical model was dynamic response finite element (FE) analysis that incorporates a 
cyclic elasto-plastic constitutive model for sand, a cyclic elasto-viscoplastic model for clay, 
and Biot’s two phase mixture theory. In this study, comparisons between measured and 
computed model responses were made. The results demonstrated that pore pressures within 
the foundation soil and vertical settlement of the embankment were qualitatively predicted.  
Kamai and Boulanger (2013) performed the numerical simulation of a centrifuge test, in 
which dissipation patterns, lateral spreading, and shear strain localization were measured 
and recorded. The purpose of the study was to validate the numerical method and insight 
on the deformation mechanism. The centrifuge test was conducted to observe; (1) the 
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dynamic response and onset of liquefaction, (2) the amount and pattern of surface 
deformation, (3) the patterns of pore pressure dissipation and void ratio redistribution, and 
(4) the difference in response between a sand profiles treated and not treated with 
liquefaction drains. The Computer Code FLAC (Fast Lagrangian Analysis of Continua) 
(Itasca, 2008a) was found to have the above abilities and therefore, was selected for 
numerical simulation. FLAC uses an explicit, finite difference formulation for solving 
geomechanic problems. Individual and in-sequence simulations were performed for four 
consecutive shaking events separated from each other by sufficient time for full dissipation 
of any excess pore water pressures. The four successive shaking events consisted of 20 
uniform sinusoidal cycles at 2 Hz with single amplitudes of 0.03, 0.07, 0.11 and 0.3g and 
results were compared for both the non-treated side and the drain-treated side. The tests 
results were all reasonably captured and bounded by the simulations. 
Dashti and Bray (2013) evaluated the predictive capabilities of a state-of-the-practice 
numerical tool.  The centrifuge experimental results (Dashti et al., 2010a, b) were used to 
evaluate the numerical tool in terms of excess pore-water pressures, displacements and 
accelerations.  The UBCSAND constitutive model (Puebla et al., 1997) implemented in 
the two-dimensional (2D) fast Lagrangian analysis of continua (FLAC) computer code 
FLAC-2D were used for the analysis. The comparison made between tests results and 
simulated results showed some limitation of the model as it showed slower rates of 
earthquake energy buildup, when the extent of soil softening and building displacement 
was over estimated by up to a factor of 4. By observing the recent case histories, this study 
combined the experiments results and the insights gained form the numerical analysis to 
provide guidance on the evaluation of building response on liquefiable sand and the 
performance of liquefaction remediation strategies.  
All the numerical modeling described above were performed in the saturated soil. 
Prediction of liquefaction characteristic in unsaturated soil are still very uncertain and 
limited studies are found in the literature. Mitsuji (2008) tried to simulate seismic behavior 
of unsaturated sand deposits with a one-dimensional effective stress analysis, in which 
incomplete saturation of the sand was modelled by reducing the bulk modulus of pore fluid. 
He found that velocity, displacement, and shearing strain of the ground decreased with 
decreasing the bulk modulus. Gao et al. (2013) developed a computational model based on 
the Biot’s two phase mixture theory and conducted numerical simulations on the behaviors 
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of unsaturated soils under cyclic loadings. They also studied effects of the bulk modulus of 
the pore fluid on the pore pressure evolution at different initial degree of saturation. 
Similarly, Yashima et al. (1995) conducted three dimensional liquefaction analysis based 
on the Biot’s theory to observe effects of pore fluid compressibility due to the imperfect 
saturation of reclaimed soil layers. They found that the strong motion array records of the 
Port Island observed during the 1995 Hyogoken-Nambu Earthquake were simulated 
reasonably well. All these numerical analysis mentioned above have dealt with the pore 
pressure and the acceleration responses of level ground. 
2.9 Prediction of saturation process on desaturated soil 
Once a soil below the ground water table is desaturated, it is considered that the amount of 
air in the soil pore will gradually decrease and the soil will eventually be fully saturated 
again. So it is very important to predict the saturation process on desaturated soil due to the 
continuous seepage flow or pore water at hydrostatic state. There are some studies 
available in the literature which were focused to predict the saturation process in the soil 
by describing the mass transfer mechanism in the soil pore. 
LeBihan and Leroueil (2002) proposed equations describing the transport of gases through 
the initially unsaturated soil by dissolution and diffusion in water. The aim of these 
equations is to examine numerically the practical implications of the hypothesis put 
forward by St- Arnaud (1995) by considering compressibility of the gas phase; dissolution, 
exsolution and diffusion of gas through the earth dam core; and resulting water flow 
assuming a hydraulic conductivity which varies with the degree of saturation. The 
simulation results provide pore water pressure distributions similar to those observed in 
several earth dams and verified the hypothesis. Similarly, in the desaturation by air 
injection technic; once the degree of saturation was lowered by artificially injected air; for 
degrees of saturation less than limit degree of saturation, the air phase is continuous; air 
moves freely into the soil and easily escape to the atmosphere. It corresponds to the degree 
of saturation obtained by submergence or progression of a water front in a soil initially at a 
degree of saturation less the limit degree of saturation, just behind the water front. For 
degrees of saturation higher than limit degree of saturation, the air remains as an occluded 
form in the soil pores and can only be transported, dissolved in water, by advection or 
diffusion.  The advection and diffusion process is quite slow in the soil pores and the air 
in an occluded form may exist for a long time. 
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Air erosion in unsaturated soil at occluded air phase is due to water flow when there is 
water head difference, and is due to diffusion when there is concentration difference of 
dissolved air (Fredlund and Rahardjo, 1993). Yashuhara et al. (2008) conducted the 
numerical simulation using multiphase flow simulator to describe the evolution of soil 
desaturation and examined the applicability of the model as a prediction tool enabling an 
evolution of desaturation in-situ to be followed with time and space. They use the two 
laboratory experiment model and compare the test results with simulated results for 
validation. Numerical results showed a relatively good agreement with the experimental 
measurements regarding the rates, magnitudes, and distribution of desaturation. The 
conclusion of their study was the numerical model can be applicable for the field problem 
when the soil properties in terms of flow transport are well- constrained. They use a 
gas-liquid two-phase simulator of TOUGH2 (Pruess et al., 1999) for the numerical 
simulation which may address the effects of advection and diffusion simultaneously in 
flow characteristic of desaturated soil. Both the diffusion and advection process of mass 
transfer can be evaluated by equation of state 3 (EOS3, air and water flow) under 
TOUGH2 simulator using PetraSim5 interface model. 
2.10 Summary 
Liquefaction phenomena came to notice after the massive damages observed due to the 
soil liquefaction during Niigata and Alaska earthquake in 1964. Before 1964 there were no 
such significant studies found in the literature regarding the liquefaction phenomena. 
Details of the liquefaction phenomena can be illustrated by dividing it into three phases. 
Initial phase when the loose granular soil located below the ground water table. This is the 
situation of saturated loose sand before the earthquake shaking. During the second 
situation the sand particles are floating due to the excess power pressure developed during 
the earthquake shaking because of pore water could not drain out easily from the voids 
means undrained condition. After the liquefaction occurrence and when the shaking is over, 
a gradual dissipation of excess pore pressure will take place along with the deposition of 
the floated particles and the voids between the particles will be smaller and the subsoil will 
be denser this is the situation after the earthquake.  
State criteria on soil mechanics provides a theoretical basis to study the fundamental 
mechanism of undrained behavior of sand and liquefaction phenomena. By defining the 
initial state of the soil in terms of void ratio and effective confining pressure, it is possible 
to evaluate the tendency of the soil to contraction or dilation with respect to the CVR line. 
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Some parameter which consider the influence of both void ratio and mean effective stress, 
can be used to characterize the undrained response of sands in triaxial compression. For 
loose sand under triaxial undrained conditions, the post-peak stress-strain behavior of 
deformation-controlled tests and load controlled tests are of much differences, which poses 
a question that whether residual strength can be used to characterize the post-liquefaction 
behavior of sands. The definition of CSL implies that it is not only void ratio but also mean 
effective stress that control the undrained behaviors of soil. 
Case histories from strong earthquakes and laboratory studies show clearly that fines have 
significant influence on undrained behaviors of sands. Loose samples containing fines are 
more contractive and show greater potential for strain softening than clean sands. Similarly, 
not only the fines content, soil particle gradation, particle morphology, and mineralogy 
content have a huge influence on undrained behavior on sands. Hard, round quartz sand is 
less compressible but crushable and angular sand with excessive amount of mica is more 
compressible and high susceptible to liquefaction.   
The saturated and unsaturated soils have basic differences in terms of material nature and 
engineering responses. An unsaturated soil actually consists of four phases including air 
water interface (Solid, water, air and air-water interface) rather than two phases in 
saturated soil (Solid and water). The pore-water pressure in unsaturated soil is negative 
relative to the pore-air pressure. In a saturated soil, the compressibility of the water is 
small relative to the soil particle compressibility and therefore, pore pressure approaches 1. 
The pore pressure parameter decreases with the decrease in the degree of saturation since 
air makes the pore fluid highly compressible. The pore pressure response of unsaturated 
soils is dependent upon the degree of saturation, porosity, total stress and the relative 
magnitude of the compressibility of various phases of soil pore. In unsaturated soil, the 
pore space is filled by both air and water so Terzaghi’s effective stress component derived 
for soil at saturated conditions may not be applicable and different for unsaturated soil. 
The unsaturated soil with the air exists in the form of bubbles that are isolated form the soil 
particles and in an occluded form obey the Terzaghi’s effective stress equation. This 
conditions is generally exists in the soil with degree of saturation more than 85%.  The 
unsaturated soil with air exists as a continuous phase in the soil pore space, the pore-water 
pressure is replaced by pore air pressure and the effective stress equation is different than 
the Terzaghi’s effective stress equation.  
In general, unsaturated soil do not liquefy during earthquake shaking because of the high 
compressibility of air presents in the soil pore. The cyclic shear strength of fully saturated 
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soil doubles when the degree of saturation decreases to 90%.  This is the case for clean 
sand, for natural soil with considerable fines content the results may be slightly different 
but overall trend will be same. In unsaturated sand, triggering of liquefaction is considered 
when both the pore –air pressure and pore-water pressure equal to the initial confining 
stress during cyclic loading.  The grain size composition highly affects the liquefaction 
characteristic of unsaturated soil. The volumetric strain parameter can also be used for 
estimating soil liquefaction triggering for unsaturated soil. 
Liquefaction does not occur in all types of soil so there are several factors and conditions 
which affects the triggering of the soil liquefaction. 
Liquefaction assessment mainly carried out by field in-situ tests, SPT, CPT, S-wave and 
laboratory tests, undrained cyclic triaxial test etc. In both laboratory and in-situ field tests, 
soil specific properties are calculated and judged with the real liquefaction case histories.  
Liquefaction counter measures can be categorized in to two types; the direct prevention of 
liquefaction and the reduction of damage to structures. The direct prevention of 
liquefaction can be further categorized into two types; methods that work on the soil 
properties, and methods that work on the boundary conditions. Desaturation by air 
injection method, which is the main topic of this study, is classified as a method that works 
on soil properties. Previous test results show that the cyclic strength of sands doubles when 
degree of saturation reduced to around 90%. The injected air bubbles in the soil pore which 
are exists in an occluded form do not disappear easily, as the solubility of N2 presence in 
injected air is very slow in water and will retain for long time. There are number methods 
available to desaturate the soil by introducing the air bubbles; air injection method, water 
electrolysis method, biogas production method, enzymatic calcium precipitation method 
and sand compaction pile method. Considering the economic viability, applicability and 
accessibility in the real field, air injection method may be more suitable for soil 
desaturation purpose.  
Desaturation by air injection is the method where the properties of soil will be changed by 
injecting the air artificially into the liquefiable soil. Recent studies on this methods shows 
the effectiveness of the air injection technique to desaturate the sandy soil and make it 
unsaturated for a long time. Past test results show that this technique is more effective with 
high confining pressure. It is relevant and worthful to investigate the effectiveness of this 
technique in a relatively low effective confining pressure condition e.g. residential 
structures or life line facilities buried under the liquefiable soil.  
To assess the liquefaction potential and investigate the effectiveness of remedial measure, 
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numerical prediction are more easy, fast and economical than the in-situ field tests and 
laboratory tests. There are number of numerical model available in the literature but most 
of them are applicable to the saturated soil. So it is necessary to verify the capability of 
numerical model to simulate the desaturation effects in the soil. Very limited study 
available in the literature which are focused to model the unsaturated soil. They tried to 
simulate the unsaturated soil by reducing the bulk modulus of pore fluid and found 
velocity, displacement, and shearing strain of the ground decreased with decreasing the 
bulk modulus. The numerical model are effective stress analysis based on the Biot’s two 
phase mixture theory. Similarly, durability of injected air is another major issue on the 
reliability of this technique for field application. Air erosion in unsaturated soil at occluded 
air phase is due to dissolution of the air by continue flow of water when there is water head 
difference, and is due to diffusion when there is concentration difference of dissolved air. A 
gas-liquid two-phase simulator (TOUGH2) seems capable to simulate the dissolution and 
diffusion effects on the soil pore simultaneously if the flow characteristic of the soil is well 
define. Before suggesting this numerical model to observe the evolution of saturation on 
artificially desaturated soil, it is necessary to verify the capability of this model on 
saturation prediction. 
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Chapter 3 
INVESTIGATION OF SOIL LIQUEFACTION AND 
GEOTECHNICAL PROPERTIES IN KATHAMNDU 
VALLEY  
3.1 Introduction 
This chapter presents the detail liquefaction investigation of Kathmandu soil using 
field in-situ tests and undrained cyclic triaxial tests in the laboratory. 
Nepal has been repeatedly hit by the large earthquakes which also induced the soil 
liquefaction in Kathmandu Valley. The latest earthquake was M7.8 Gorkha earthquake 
on April 25, 2015, which was the largest earthquake in Nepal’s history since 1934. The 
observed peak ground acceleration of the 2015 Nepal earthquake in Kathmandu valley 
were approximately 180 gals. Although this acceleration was much smaller than that 
expected (i.e.300 gal), extensive soil liquefaction was observed at several locations in 
the vicinity of rivers in Kathmandu valley. This strongly indicate that soils in the 
valley are quite prone to liquefaction and liquefaction assessment is great important to 
get prepared for stronger earthquakes in the future.  
Because of the uniqueness of soil deposit in Kathmandu, which are rich in Mica, and very 
heterogeneously distributed, liquefaction assessment methods established based on the 
experiences in Japan and the US need to be verified. In order to refine and reestablish 
liquefaction assessment methods, identification of field evidence of liquefaction including 
sand volcanos and lateral spreading are necessary and the 2015 April earthquake provided 
a valuable opportunity to do this. This chapter describes the intensive filed survey 
conducted just after the April 25 earthquake to identify the locations where liquefaction 
was observed. Similarly, in-situ field test including boring, standard penetration tests 
(SPT), undisturbed soil sampling and PS-logging are described in this chapter. 
Furthermore, laboratory tests on collected samples including physical test, cyclic triaxial 
test to measure the liquefaction strength and results of X-ray for deflection test are 
presented. Finally, the refined liquefaction assessment method with compare to the 
liquefaction assessment methods established based on the experiences in Japan and the US 
are presented and discussed in details. 
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3.2 Tectonic and historical earthquake in Nepal 
The record of historical earthquakes in the Nepal Himalaya dates back to the 13th century, 
but no clear documentation of the damage that occurred is available in the literature. 
Tabulated data on the historical earthquakes in Nepal and peripheral areas, as compiled by 
NSET and GHI (1999), indicates that a large earthquake occurs in the Nepal Himalaya 
roughly every 100 years. Since the last large earthquake in 1934 (i.e., Bihar–Nepal 
Earthquake, M8.1), 81 years have elapsed and it was widely estimated that a large 
 
Fig. 3.1 The Indian plate subduction underneath the Eurasian plate and major thrust 
faults in the Himalaya region (cross-section adopted from Dahal (2005))  
earthquake was going to occur in the Nepal Himalaya within 100 years of 1934. During 
the last 35 years, three heavily damaging earthquakes and several damaging earthquakes 
have occurred in Nepal. The heavily damaging earthquakes include the 1980 far western 
region earthquake (M6.5, Darchula; MoHA et al. 2009), the 1988 eastern Nepal earthquake 
(M6.5, Udayapur; MoHA et al. 2009), and the 2011 earthquake (M6.9, Nepal–India border, 
USGS 2011) while damaging earthquakes of <M6.0 were recorded almost every year from 
1993 until 2003. In addition, there is a long list of minor earthquakes that occur almost 
every month in and around the Nepal Himalaya. This earthquake data indicates that Nepal 
is situated in the highly earthquake-prone plate tectonic zone of the Himalayas.  
The occurrence of earthquakes in the Himalayan region is primarily due to the collision 
between the Indian plate and the Eurasian plate (sometimes also referred to as the Tibetan 
plate in local or regional scale). As indicated in Fig. 3.1, the Indian plate moves northward 
and sub ducts underneath the Eurasian plate creating a zone of plate-tip squeezing at the 
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Himalayas. This plate movement has resulted in the formation of the Himalayan mountains, 
the uplift of which occurs at an estimated rate of 2 cm per year (Bilham et al., 1995). 
Moreover, the area-wide compression and uplift of the Himalayan region has resulted in 
the extensive distribution of regional and local faults. Some of these faults generate major 
earthquakes, such as the 2008 Sichuan Earthquake during which nearly 88,000 people died. 
So far, however, the major earthquakes in and around the Nepal Himalaya have been 
mostly generated at the subduction zone of the Indian plate underneath the Eurasian plate 
(Fig. 3.1). The depth of the Gorkha Earthquake has been estimated to have been at about 
15 km, which makes it clear that this earthquake was generated exactly at the depth of 
subduction plane. The exact mechanism involved in the generation of this earthquake is yet 
to be revealed, but a general interpretation is that the strain energy stored in the rupture 
zone due to the northward gently inclined thrust of the Indian plate was released with 
slipping of Eurasian plate-tip below the Main Boundary Thrust (MBT; Fig. 3.1). 
 
Fig. 3.2 Epicenter of 2015 Nepal Gorkha Earthquake and distribution of aftershocks.  
Banerjee and Bürgmann (2002), Bettinelli et al. (2006), Bilham and Szeliga (2008), 
Jouanne et al. (2004), etc. mention that the Himalayan region contracts under the influence 
of Indian plate subduction at a rate of 16–18 mm/year. About 100 years of devastating 
earthquake history in the Himalayan region indicates that the region was hit by four major 
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earthquakes in 1897, 1905, 1934, and 1950 (Bilham et al., 1995; Chander, 1988, 1989; 
Khattri, 1987, 1992; Molnar, 1990; Molnar and Pandey, 1989; Pandey et al. 1995; Seeber 
et al., 1981; Seeber and Armbruster, 1981), but no earthquake of this scale had ever 
occurred in the central part of the Himalaya. Khattri (1987) identified this part as a seismic 
gap in the Himalayan region, and Bilham et al. (1995), Pandey et al. (1995) also mentioned 
that it was and still is the most potential location for the next major earthquake in the 
Himalayan region. It was from this time that most researchers working in seismicity in the 
Himalayan front consolidated their anticipation that a major earthquake was going to occur 
in central Nepal within 80–100 years of the 1934 Bihar-Nepal Earthquake.  
The location of the 2015 Gorkha Earthquake leads most researchers to conclude that it is 
probably the anticipated central seismic gap earthquake, but the eastward shifting trend of 
almost all aftershock occurrences (Fig. 3.2) has also put a question mark over this 
conclusion by other researchers. This latter conclusion by a group of seismologists 
involved in investigating the mechanism of this earthquake has led to the speculation of 
the occurrence of yet another major earthquake, probably much larger than the Gorkha one, 
in this region within the next 10 to 20 years. According to an estimation made by the JICA 
(2002) study, the fatal loss of lives in the Kathmandu valley alone in a 1934 scenario 
earthquake could exceed 40,000, a large number of building structures in the valley could 
be completely damaged, and most lifeline infrastructures including hospital and school 
buildings could be left unusable for several weeks. In contrast, however, not only the 
human casualties in the valley have been less but the damage to building structures has 
also been much less than anticipated. Although the vibration pattern of the Kathmandu 
valley deposits seem to have been very different from that which occurred during the 
1934-scenario earthquake, it is surprising to most investigators to note that the damage has 
been incomparably less than estimated.  
It is worth mentioning that, among the major earthquakes in the recorded history of the 
area, the Bihar–Nepal Earthquake of 1934 (Ambraseys and Douglas, 2004; Hough and 
Bilham, 2008) with a maximum intensity of X-MMI caused extensive damage in the 
Kathmandu valley (Dunn et al., 1939; Pandey and Molnar, 1988). The total number of 
deaths in whole Nepal was 8,519, with 4,296 of these in the valley itself. This earthquake 
destroyed about 19% of the buildings in the valley and damaged about 38% of them 
(Pandey and Molnar, 1988; Rana, 1935). The level of destruction was particularly severe 
in Bhaktapur City in the eastern part of the valley (Pandey and Molnar, 1988; Rana, 1935). 
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Many historic temples and monuments also collapsed or sustained severe damage. Sand 
boils were observed in a central district of Kathmandu city. 
3.3 Geotechnical conditions of the Kathmandu valley 
The main source of the sediments in the basin of the Kathmandu valley is the surrounding 
mountains from where the sediments were carried by an ancient drainage system. The 
study based on the available borehole logs concluded that the sediment distribution in the 
valley is not uniform and divided into three main parts: the Bagmati formation, the 
Kalimati Formation and the Patan Formation as indicated in Fig. 3.3 (Sakai et al., 2001). 
The section shown is for the eastern part of the valley running from Sundarijal in the north 
to Itaiti village in the south. 
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Fig. 3.3 Schematic geological cross section of the basin showing stratigraphic relationship 
of each formation (after Sakai, 2001) 
Bhandary et al. (2012) have prepared a geo-information database of the Kathmandu valley. 
They have selected about 300 logs from a total of about 700 existing logs of boreholes in 
the Kathmandu valley. As not all borings were carried out for geotechnical investigation 
purposes most of them had only soil profile depths and no geotechnical property 
information. The database system gives approximate ground profiles through any desired 
line connecting a set of borehole locations. The locations of the 300 boreholes, their data 
and soil profiles in cross section A–A’ are presented in Fig. 3.4. Some of them are as deep 
as 600 m from ground surface and extend to the bed rock. The section runs from Syuchatar 
(North) to Bhaktapur (South) through the central district of Kathmandu. Sand and gravel 
deposits are dominant in the north and clay layers tend to be thicker in the south. 
50 
 
 
Fig. 3.4 Cross-section of the basin showing geotechnical condition. 
Figure 3.5 shows the surface topography and shallow geotechnical conditions in a WE 
section (cross section B-B’) which crosses from Tahachal in the west and Bhakatapur 
Durbar Square in the east and runs through the center of the city. Major rivers running 
through the valley also lie within this section. The maximum and minimum elevation is 
1342m and 1283m, respectively. The 11 borehole log of shallow depth ranging 10–30 m in 
the section show detailed information about SPT N values, soil types and the location of 
the ground water table. The sediments near the rivers (BH-2, 3, 4 and 6) mainly consist of 
sand and silt with a shallow ground water table, typically 1–3 m from the ground surface. 
The SPT N values are mostly lower than 15. In the westernmost borehole near Tahachal 
(BH-1), the black clayey soil deposits extend from the surface to a depth of 15 m. At 
Tribhuvan  
International Airport (BH-7, 8 and 9) sandy gravel, coarse to medium sand, and silty sand 
are the major soil types. In this area the soils exhibits the relatively higher SPT N values of 
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>15 when below the ground water table. The borehole near the Thimi Bhaktapur (BH-10) 
indicated mostly a clay layer with a thickness greater than that encountered in other 
boreholes. The borehole located at Bhaktapur Durbar Square (BH-11) indicated mainly 
coarse to fine sand strata down to 19 m from the surface, which is then underlain by clayey 
silt. The geotechnical characteristics at shallower depth may be summarized as follows: the 
soil stratification of the deposit is highly heterogeneous; the ground water table is shallow 
in all bore holes, typically at 1–3 m below ground level; and SPT N values are not high. 
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Fig. 3.5 Surface topography and boring data in an east-west section. 
3.4 Soil liquefaction in past earthquake  
Because the Kathmandu valley deposits are composed mainly of saturated sand and clay 
layers with a shallow ground water table, liquefaction is highly anticipated. Figure 15 
depicts the liquefaction susceptibility map prepared by the United Nation Development 
Programme for an M7.8 scenario earthquake and a peak ground acceleration of 
approximately 0.3 g (UNDP, 1994). Liquefaction susceptibility was judged “high” and 
“medium” in a large area along the major rivers. 
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: Liquefied by 2015 
earthquake
: Liquefied by 1934 
earthquake
Ramkot
Manamaiju
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NEC
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Kamalvinayak
 
Fig. 3.6 Liquefaction susceptibility map prepared by UNDO (1994) together with identified 
location of liquefaction by the 2015 and 1934 earthquake. 
Extensive survey was conducted just after the Gorkha Earthquake 2015 to identify the 
liquefied area (Okamura et al., 2015, Chiaro et al., 2015 and GEER Report, 2015). Many 
places were visited where the liquefaction susceptibility is high and medium according to 
UNDP map. Meanwhile SNS was utilized to collect information. The following locations 
shown in Fig. 3.6 were identified to have liquefied. Liquefaction-induced damage to 
structures in these areas was not found except in the case of the Nepal Engineering College 
and Syuchatar area where buildings suffered subsidence. All these areas are in the high or 
medium liquefaction susceptibility zone with the exception of Jharuwarashi area. The main 
features of ground failures in liquefied area were fissuring towards the downwards slope 
with sand boils ejected through the fissuring’s in slope area eg. Jharuwarashi, Bungamati 
Ramkot & Syuchatar. Similarly, sand boils were detected in the plain low land area eg. 
Imadol, Manamaiju, Changunarayan, Guheswori, Mulpani, Hattiban etc. 
53 
 
 
Fig. 3.7 Grain size distribution of erupted sand. 
3.4.1 Jharuwarashi area  
Jharuwarashi is located in the southeast part of the Kathmandu valley, and the Karmasasa 
River originates near this area. On the right bank of Karmasasa River, ground fissuring of 
approximately 100 m length 10 cm width was observed. Sand boils were ejected through 
the fissures. The fissures were parallel to the river, indicating the soil to be laterally 
spreading towards the river. The ejected soil was fine sand containing 50% non-plastic silt, 
as shown in Fig.3.7. 
3.4.2 Bungamati area  
Extensive soil liquefaction occurred in the Bungamati area. This area located in the flood 
area of the Bagmati River and is used as fields for growing two crops of rice and wheat 
annually. A large number of sand volcanos were detected in the area approximately 300m 
long and 200m wide (Fig. 3.8). The ejected soil was coarse to fine sand with 5-40% 
non-plastic silt, as shown in Fig. 3.7. Fissures with openings up to 15cm wide were also 
detected the direction of which were mostly parallel to river. 
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Fig. 3.8 Erupted sand boils at bungmati (a) overview of the area (b) erupted sand 
As reported by GEER (2015), the ground water table was measured at about 1.3 m. They 
did the hand auger to get the stratigraphy along a 23 m long transect. The stratigraphy was 
relatively consistent: 0.5 m of micaceous brown silty clay topsoil, followed by Black 
Cotton Clay to about 1.5 m, followed by fine sand that coarsened with depth. The local 
residents told that water ejected from the ground surface approximately 1 m in height for 
30 minutes after strong shaking had ceased, and that the flooding lasted 2 to 3 days. In 
addition, residents mentioned that nearby agricultural fields along the Bagmati River had 
also shown surficial signs of liquefaction after the April 25 earthquake. The land owner 
mentioned that the Nepal Government have a plan to build a super highway (Fast track 
connecting to terai) through this site within the next 25 years. 
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(a)
(b)
Photo: GEER (2015)
 
Fig. 3.9 Observed damages in Syuchatar area (a) surface cracks (b) structural damages on 
surface cracks area. 
3.4.3 Syuchatar area 
Extensive lateral spreading was observed in this area. This area is located in the west part 
of the Kathmandu valley. As mentioned in GEER (2015), the surface crack was found to be 
on a mildly sloping hill that was occupied by few one to two story, mostly reinforced 
concrete frame structures. Some of the mud-mortar and masonry concrete houses in the 
area were damaged, however most of the reinforced concrete frame structures did not 
experience major damage. At some locations where the surface crack crosses through the 
structure a crack on the foundation slab and on the walls were observed. The surface crack 
at this location is estimated to be approximately 550m long, at some locations the depth of 
the crack is observed to be up to 4m and width of the crack is overserved to be up to 30cm. 
wide (Fig. 3.9). The mechanism of the failure is predicted to be lateral spreading. In order 
to better understand the subsurface soil conditions, GEER Team collected the soil samples 
by hand augereing and perform in-situ shear strength tests. At three different locations 
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along the crack, team collected soil samples using hand-auguring and performed strength 
test using in-situ vane shear in collaboration with USGS. Collected samples has shown 
presence of silty sand layer that might have liquefied and caused lateral spreading. 
 
Fig. 3.10 Grain size distribution curve at Hattiban site (after GEER, 2015) 
3.4.4 Hattiban area 
As reported by GEER (2015), extensive sand boils were observed at the Hattiban site. This area is 
located southern part of the Kathmandu valley. Soil sample was collected by hand augereing from 
sand boiling location where 25mm fine sand ejecta was on the surface. Below the ejecta, they 
found that the site was characterized by a low plasticity silt or silty clay in the top 1.9 m (Fig. 3.10). 
Dykes of fine sand were found in the auger samples from approximately 0.9 to 1.6 m. Below the 
silt and silty clay layers was a 0.5 m thick layer of black cotton clay. Below the black cotton layer 
was a fine sand layer, and the groundwater table was found at 2.5 m below the ground surface. 
3.4.5 Guheswori area 
Guheswori is located in the north part of Kathmandu valley on the bank of Bagamati River 
in upstream. As reported by GEER (2015), local people said that sand and water had 
spouted out of the ground and the area had flooded during and after the earthquake shaking 
(Fig. 3.11). It is similar to Manamaiju in that it is on a floodplain where the top layer of 
sand had been removed for use in construction. There also did not appear to be substantial 
structural damage resulting from the liquefaction here. Local residents informed that water 
jetted approximately one meter above the ground surface for one to two minutes, and that 
the site was flooded for a couple of hours after the main shaking. 
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Photo: GEER (2015)
 
Fig. 3.11 Liquefaction location at Guheswori 
3.4.6 Mulpani area 
Mulpani area is in the right bank of the Manahara River and the liquefied site is located on the 
same floodplain as Changu Narayan about 1.5 km southeast (GEER,2015). During the site visit, it 
was noticed that a lot of carrots were laid on the ground in seemingly random locations (Fig.3.12). 
According to the local people, the entire area around the river was liquefied, stating that water 
spouted out of the ground all around them. They also mentioned that the carrots were brought out 
of the ground during the earthquake shaking. They also informed that potatoes had been removed 
from the ground in nearby area of the farm due to the earthquake shaking. 
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Photo : GEER (2015)
 
Fig. 3.12 Carrots ejected out from the ground due to liquefaction in Mulpani 
3.4.7 Kamalvinayak area, Bhaktapur 
Kamalvinayak area is located in the north-east of the Kathmandu valley on the way to 
Nagarkot. Ground fissuring were observed along the edge of flood plain and the gentle hill, 
~5m above the flood plain due to the liquefaction (GEER, 2015). The GEER (2015) team  
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Fig. 3.13 Liquefaction effects in Kamalvinayak (a) observed surface crack on the ground (b) 
Observed cracks on the RCC building wall due to lateral deformation of ground. 
had traced the crack up to 250m long and according to local resident the cracks appears to 
be propagated further. The cracks were up to 0.8m wide and up to 1.5m deep (Fig. 3.13). A 
small creek with flowing water was found near the one end of the crack. Probably the 
cracks were developed due to lateral spreading that may have occurred as a result of 
liquefaction in underlying ground. The team had observed damage on a reinforced 
concrete building wall due to the lateral spreading and cracks passing through its 
foundation. 
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X-ray diffraction analyses were conducted on sands erupted at liquefaction sites of 
jharuwarashi and Bungamati to assess their mineralogy. It was found that quartz, feldspar, 
mica and calcite are the dominant minerals. The relative amount of minerals in the sands 
determined by the integrated intensity ratio were quartz 60-–80%, feldspar 10–20%, mica 
10–20% and calcite 5–10%. These ratios more or less agree with those reported by Paudel 
et al. (2004). Mica mineral grains have an impacts on the cyclic properties of sand as the 
liquefaction resistance and volumetric change characteristics (e.g. Schmidt, 2008). A study 
of the liquefaction resistance is required, as well as the in-situ penetration resistances, of 
the mica-rich sand of Kathmandu in order to validate the empirical assessment method of 
liquefaction susceptibility. 
Rana (1935) reported the occurrence of widespread liquefaction in the valley during the 
Bihar Nepal earthquake in 1934. The Tundhikhel and Nayabazar area (shown in Fig. 3.6) 
was severely fissured and the ejection of liquefied sand occurred, as shown in Fig. 3.14. 
Although that earthquake occurred in the dry season (January 15, 1934), most of the paddy 
fields and roads in the area were flooded by ejected sand boils. In the Tundhikhel area 
located at the center of the city, the current ground surface is mostly covered with 
buildings and pavement but there is a large open space remaining, the old parade ground, 
Any evidence of liquefaction caused by the 2015 earthquake was not detected in both the 
area. 
Fissures in Nayabazzar
Wide fissures in Tundikhel
Fissures in Nayab zar
 
Fig.3.14 Liquefaction in Tundhikhel and Nayabazar (shown in Fig. 3.6) by the 1934 
earthquake (after Rana, 1935) 
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3.5 Field investigation  
In-situ filed test was conducted in four liquefied locations which were identified from the 
intensive survey describe in chapter 3.4. These locations are believed to be represented the 
heterogeneously distributed soil strata of Kathmandu valley. To validate the field 
investigation one more site was selected for in-situ field investigation, where the 
liquefaction did not noticed during the Gorkha earthquake 2015. The selected ins-situ field 
investigation sites are presented in Fig. 3.15. The features of the selected field 
investigation sites are describe as below; 
3.5.1 Ramkot   
Ramkot is located on the western edge of the Kathmandu valley. Liquefaction of very fine 
material was observed on steep terrains as shown in Fig. 3.16. Ground fissuring towards 
the slope in bowl shape was observed in the lower bed of the slope near the river bank but 
there was no lateral deformation observed in the steep slope (20 degree) where biggest 
sand boils were ejected.   
: Liquefied by 2015 
earthquake
: Do not liquefied by 
2015 earthquake
Ramkot
Manamaiju
NEC
Imadol
Manahara
 
Fig.3.15 selected in-situ field investigations sites. 
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(a) erupted sand (b) Overview of the area
Photo : GEER (2015) 
 
Fig.3.16 Erupted sand at Ramkot area. 
3.5.2 Imadol   
On the right bank of the Karmasasa River, small-size sand boils were detected in vegetable 
fields approximately 100 m from the river (Fig.3.17). This area was indicated to be a zone 
of moderate liquefaction vulnerability, however, no damage was induced by liquefaction to 
nearby buildings and lifeline facilities, as reported by Chiaro et al. (2015). The grain size 
distribution of sand from the boils was reported by Chiaro et al. (2015). 
 
Fig.3.17 Sand boils spot at Imadol  
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3.5.3 Manamaiju 
The Manamaiju area is located on the north-west of Kathmandu valley and the Bishnumati 
River runs through this area. On the bank of the Bishnumati River, some sand boils were 
found in paddy fields as well as minor cracks on the boundary walls and subsidence and 
tilting/punching in buildings were observed in this area as shown in Fig.3.18. The location 
is an old abandoned river channel.  
(b) Overview of the area(a) sand erupted spot  
Fig.3.18 Sand boils spot at Manamaiju area 
3.5.4 Changu Narayan (Nepal Engineering College, NEC) 
Extensive liquefaction occurred at the Nepal Engineering College located on the left bank 
of the Manahara River. A flat flood plain extends approximately 700 m wide along the 
river channel between river terraces in this neighborhood. Sand boiling and fissures 
occurred and the college buildings subsided approximately 20cm as shown in Fig. 3.19. 
 
(a) Erupted sand (b) Settlement due to soil liquefaction
Subsidence approx. 20cm
 
Fig.3.19 Erupted sand and building settlement at Changunarayan area (NEC) 
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3.5.5 Manahara  
This site is also located on the flood plain of the Manahara River same like as Nepal 
Engineering College. Just before the Gorkha earthquake 2015, detail soil investigation by 
SPT was conducted in this location. The ground water table, grainsize distribution, and 
measured SPT N value shows the potentiality of liquefaction in scenario earthquake (Peak 
ground acceleration 300gal) mentioned in JICA (2002) study. But liquefaction did not 
notice during the Gorkha earthquake 2015 in this location. PS-logging was conducted in 
this location along with the other four liquefied sites after the Gorkha earthquake 2015.  
In all these five locations in-situ field test, including boring, standard penetration tests 
(SPT), undisturbed soil sampling and PS-logging were conducted to analyses the 
liquefaction potentiality and verify the empirical curve developed based on the USA and 
Japan experiences. 
The in-situ field investigation was carried out by percussion boring (diameter 100mm) in 
this study. Casing pipes of diameter 150mm were used during the advancement of 
borehole for the purpose of protecting the hole from collapsing. Two borehole were digged 
in each location in which one is used to measure Standard Penetration blow count (N 
value) and other for continuous soil sampling. During advancement of drilling works, 
continuous logging of the soil strata was done in a standard soil boring log.  
3.6 In-situ field investigation  
3.6.1 Standard Penetration test (SPT) 
The in-situ Standard Penetration Test (SPT) was carried out at an interval of 1.0m 
throughout the depth up to 15m. SPT consists of driving a standard split spoon 50mm 
outside diameter and 35 mm inside diameter into soil under the blows of a drop weight 
(hammer) 63.5 kg falling freely from 75cm, the number of blows required for three 
consecutive 15cm is recorded and the total blows from the last 30cm of penetration blow 
count is considered as standard penetration, N value. The weight (hammer) was dropped in 
a guide by pipe rod with help of chain pulley as shown in Fig. 3.20. The overall process 
was operated manually. The measured N value is presented in the Appendix A. 
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Fig. 3.20 Overview of SPT test (Manamaiju) 
3.6.2 Soil sampling  
Continuous soil sampling was carried out in each sites adjacent to the SPT test point 
throughout the depth. Undisturbed soil samples were collected using thin walled sampler 
of 56mm internal diameter and 1000mm long with internal cutting shoe from the 
pre-decided sub-soil strata considering the bore log of SPT test.  After carefully sealed 
the collected samples, it were transported to the laboratory for necessary investigation. 
Other collected samples were put carefully in the wooden box in 1m length so that the 
position of thin layer on soil stratification can be well noticed as shown in Fig. 3.21.  
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Fig. 3.21 Soil sample obtained by continuous sampling 
Fig. 3.22 shows the borehole logs of five locations where SPT and PS-logging were 
conducted up to 15m depth. The section show detailed information about SPT N values, 
soil types and the location of the ground water table. The manamaiju sites mainly consist 
of sand and silty sand with 2m gravel mixed silty clay layer near the ground surface. The 
water table was observed almost on the ground surface. The borehole in NEC consist of 
silty sand and sandy gravel with 1m filled material at the ground surface. The ground 
water table was observed at 3m from the ground surface. At imadol site silty clay was 
found near the ground surface up to 2m depth and followed by 1m sandy gravel layer. The 
black clayey soil deposits extend from 3m to a depth of 15m was found in this site. 
Ramkot was mainly consist of medium to dense silty clay thorough out the borehole with 
1m clay layer at the surface. Similarly, Borehole at manahara site consist of mainly coarse 
to fine sand strata down to 9 m and followed by clayey layer up to a depth of 15m. Ground 
water table was measured at 2.5m below from the ground surface here. Several thin clay 
layer sandwiched in a sandy and silty layer layer was also observed in each borehole logs 
which showed the heterogeneity nature of soil deposit in Kathmandu. 
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Fig. 3.22 Borehole log from SPT  
3.6.3 PS-Logging  
In this study, PS-logging is also carried out in all five SPT conducted locations to 
investigate the in-situ soil properties based on the seismic wave velocity through the soil. 
Downhole methods was used to measure the compression wave (P-wave) and shear wave 
(S-wave) velocity at different depth of soil deposit by generating the artificial seismic 
waves at ground. Seismic waves were generated by hammering in the ground surfaces and 
signals receiver (geophone) was put in a bore hole to receive the waves signal. The 
Schematic diagram of downhole method is shown in Fig. 3.23.  
Weight drop was used to generate the P-waves in the ground surface. Metal plate of size 
30cm x30cm x 2cm was placed in a level ensuring the whole surface area of plate properly 
in contact with the ground surface. 3kg metal hammer was dropped in to the metal plate to 
generate the necessary compression wave (P-wave) in the ground surface which is enough 
to receive the P-wave signals at entire borehole depth.   
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Fig. 3.23 Schematic diagram of PS-logging   
Fig. 3.23 shows a structure of a typical seismic source to generate S-wave. This source has 
an advantage to be able to check the polarity by hitting from right side and left side. A 
hammer blow against the right face of the baseplate generates P-wave and S-wave while a 
blow against the left face also generate P-wave and S-wave. However P-waves have same 
polarity even if the source polarity is different while the polarity of S-wave is changed 
according to the source polarity. Therefore S-wave can picked up from a waveform record. 
Wooden plate of size 500cm x 20cm x10 cm was used as a baseplate with 6 no of hole to 
anchors in the ground surface by anchor rod. Suspended weight approximately 100kg (two 
cylindrical solid metal of each 50kg weight) was put on the top of wooden baseplate. 
S-wave was picked up by hitting the wooden baseplate by 2kg hammer from right side and 
left side. 
Receiver has composed of three components geophone. Two geophones were arranged in 
an orthogonal direction each other in a horizontal plane to make possible for detection 
S-wave even if the clamping probe, in which the receiver is installed, rotate in a borehole. 
The bore hole was protected by HDP casing pipe of 56 mm diameter projected 1 meter 
above the ground surface where 50mm dia. geophone could easily insert.  
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Fig. 3.24 Derivation of corrected time travel  
Seismic source at the surface was set with some offset approximately 1.0m from the 
borehole axis to improve signal to noise ratio, because of the directivity of S-wave source. 
Therefore, observed travel time need to be corrected to an equivalent value when a wave 
was propagated along the borehole wall. Fig.3.24 shows a schematic to correct the travel 
time. In this figure, (3.24) simple geometrical correction indicate the derivation of 
corrected travel time. This correction requires picking up the first break point in case of 
S-wave.  
0 50 100 150 200
Time (msec)
 
Fig. 3.25 S-wave detecting procedure 
Fig.3. 25 shows an example of S-wave record. In this figure (3.16), two S-wave, having 
opposite polarity each other, are superposed. Clear break point indicated by red dot in this 
figure 3.16 indicate the S-wave reached time at the receiver in borehole. 
3.7 Liquefaction potential analysis based on in-situ field test  
Field investigations were carried out in five locations of Kathmandu valley as describe in 
chapter 3.5 to observe the liquefaction potential. Standard penetration test (SPT) with 
continues soil sampling and PS-logging were performed in the field and collected the 
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detail in-situ properties of soil up to 15m depth. The standard procedure already 
established from the previous studies were used to analyses the potentiality of liquefaction. 
The results were tried to fit in the established empirical relation based on the experience of 
Japan and USA for validation the impeccability of the procedure in Nepalese context. 
3.7.1 Analysis based on Standard Penetration N value  
3.7.1.1 Simplified Procedure 
After disastrous earthquake in Alaska and in Niigata, in 1964, Professors H.B. Seed and I. 
M. Idriss (1971) developed and published empirical methodology based on field data 
termed the “simplified procedure” for evaluating the liquefaction potentiality of soils. This 
is the most common procedure used in practice for liquefaction potential analysis 
throughout the world. This procedure has been modified and improved periodically by 
different researchers since that time. In 1996 and 1998 National Center for Earthquake 
Engineering Research (NCEER) organized a workshop within 20 liquefaction exports to 
gain consensus on updates and expansion that should be made to standard procedures that 
have evolved over the past 30 years. The outcome of the workshops came as a summary 
report on evaluation of liquefaction resistance of soils in 2001 with Prof. T. L.Youd and I. 
M. Idriss as authors and all other participants named as co-authors. The summary report 
includes the recommendation for the empirical analysis based on Standard Penetration Test 
(SPT). In this study analysis through the empirical relations based on SPT data suggested 
by Youd et al. (2001) is used for the calculation.  
The simplified procedure updated and recommended by Youd et al. (2001) can be 
comprises as follows; 
3.7.1.1.1 Identify the potentially liquefiable layers to be analyzed 
The soil layer above the ground water table does not need to include in the liquefaction 
potential analysis. Similarly, Soil layer which has an SPT N value greater than 30 normally 
do not liquefy during earthquake. These are the basis to identify the potential liquefiable 
layers to be analyzed. As mentioned in chapter 3.5, SPT test was conducted in five 
locations, in which, four (Manamaiju, Imadol, Ramkot and NEC) were liquefied and one 
(Manahara) did not liquefied during the Gorkha Earthquake 2015. The borehole log details 
are shown in Fig. 3.22. 
Sandy layer with lowest SPT N value below the ground water table was considered critical 
soil layer for liquefaction. These were identified the potential liquefiable layers and 
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included in the analysis in this study. The details of identified liquefied layer are as shown 
in Table 3.1. 
Table 3.1 Identified liquefiable layer 
Measure SPT 
N value, Nm 
Fine 
content, FC 
(%) 
Depth 
(m) 
Normalized 
N value, 
(N1)60cs 
Cyclic Stress 
ratio (CSR) 
GWT 
(m) 
Location 
15 4.0 8 9 0.206 0 Manamaiju 
9 42 2 13.81 0.227 0 Imadol  
14 7 3 9.41 0.10 3 NEC 
24 36 6 20.73 0.131 3 Ramkot 
22 3 6 12.74 0.131 2.5 Manahara 
 
 
3.7.1.1.2 Evaluation of Seismic Demand on soil layer expressed as CSR (Cyclic Stress 
Ratio)  
Cyclic Stress Ratio (CSR) was calculated using the relation formulated by Seed and Idriss 
(1971) and Suggested by Youd et al. (2001) 
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Where, 
maxa  = peak horizontal acceleration at the ground surface generated by the 
earthquake, g  = acceleration due to gravity, 
vo and 
'
vo are total and effective vertical 
overburden stress, respectively; and 
dr = stress reduction coefficient  
 amax depends on the magnitude of the earthquake, epicentral distance from the rupture 
zone and soil type. The Gorkha earthquake of magnitude 7.8 with 160gal peak ground 
acceleration recorded in Kantipath Kathmandu as reported by Dixit et al. (2015) was used 
for the analysis. 
 rd stress reduction coefficient in Eq. (3.1) describe the flexibility of the soil profile. To 
calculate the rd, Seed and Idriss (1971) developed world wise use curve of rd verses 
depth.  As reported by Youd et al. (2001), Liao and Whiteman (1986) developed a new 
relationship to calculate the rd which latter on approximate by T.F. Blake (1996) for ease 
of computation with the following equation. 
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Where, z is the depth below ground surface in meters. 
3.7.1.1.3 Evaluation of liquefaction resistance of soil layer as CRR (Cyclic Resistance 
Ratio) 
Based on the characteristics of the potentially liquefiable soil layer (eg. density, fine 
contents, and measured SPT N value), The measured SPT N value from the field test was 
corrected by the following equation which was modified from Skempton (1986) and as 
listed by Robertson and wide (1998) and recommended by Youd et al. (2001). 
  )3.3(
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Where,  
60`1
N  = Corrected or normalized SPT N value, 
mN = measured SPT N value, 
NC  = Correction factor for overburden stress, EC = Correction for hammer energy ratio 
(ER), 
BC = Correction factor for borehole diameter, RC = Correction factor for rod length 
and 
sC = correction for samplers with or without liners. 
SPT N- values increase with increasing effective overburden stress, an overburden stress 
correction factor was estimated by the equation modified from Skempton 1986 listed by 
Robertson and Wride (1998) and recommended by Youd et al. (2001). 
)4.3(
5.0
'
0









v
a
N
P
C

 
Where, 
aP  is atmospheric pressure equals to approximately 100 kPa (1 atm) and the 
value 
NC of is not exceeded and limited to 1.7. 
Values of other correction factors included in Eq. (5) such as 
EC = Energy ratio for Donut 
hammer is 0.5-1.0, Correction factor for energy ratio is taken as 0.6, 
BC = 1 for bore hole 
diameter 100 mm, 
RC = 0.85 for rod length 4 m to 6 m and sC = １for sampler without 
liners listed in Robertson and Wride (1998) were used in this study.  
Liquefaction resistance is influenced by fine contents in soil layer. As noted by Seed et al. 
(1985) liquefaction resistance increases with the increase of fine contents in soil layer. The 
equation developed by I. M. Idriss with the assistance of R.B. Seed for correction of 
 
60`1
N  to an equivalent clean sand value considering the fine contents as cited by Youd et 
al. (2001) was used in the analysis. 
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Where,   and   coefficients determined from the following relationship 
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Fig. 3.26 Correlation between CSR and Normalized SPT N value (After Seed et al., 1983) 
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Criteria for evaluation of liquefaction resistance based on the SPT have been mentioned by 
Seed et al. (1983). Fig.3.26 is a graph of calculated CSR and corresponding  
cs
N
601
data 
from sites where liquefaction were or were not observed during the past earthquake with 
magnitudes of approximately 7.5. The red line is the boundary line from the past case 
histories to separate the liquefaction and non-liquefaction zone (Seed et al., 1983). Fig. 
3.26 Shows the correlation between SPT N value and liquefaction characteristic of soil for 
magnitude 7.5 corresponding to the 15 number of cycle earthquake. Seed et al. (1983) 
further extended this graph for other magnitude earthquake with considering the 
liquefaction point of view. The main difference between different magnitude earthquakes 
is in the number of cycles of stress which they induced. The representative number of 
cycles for different magnitude earthquakes as mentioned by Seed et al (1983) are as shown 
in Table.3.2. The boundary curve in Fig. 3.26 is the plot of 7.5 magnitude earthquake 
needed 15 number of cycles to induced the liquefaction, then the relative values of stress 
ratio required to cause liquefaction for other number of cycles is calculated by multiplying 
the boundary curve by the scaling factor shown in Table 3.2. Thus, the boundary line for 
other magnitude events with different number of cycles can be re-plotted accordingly. 
Table 3.2 Number of cycle’s representative different magnitude earthquake with 
corresponding magnitude scaling factor (MSF) (Seed et al., 1983) 
 
Earthquake Magnitude  Number of Cycle N Magnitude Scaling Factor 
8.5 26 0.89 
7.5 15 1.0 
6.75 10 1.13 
6 5-6 1.32 
5.25 2-3 1.5 
Although the magnitude of Gorkha earthquake (2015) was 7.8 but the observed number of 
cycles of stress was recorded 6 at Kantipath station (Dixit et al. 2015). So, the boundary 
curve for this event was reproduced by multiplying the boundary curve of 7.5 magnitude 
with 15 number of cycles by 1.32 as mentioned in Table 3.2. The black dash line in the Fig. 
3.26 is the reproduced curve for the Gorkha earthquake to separate the liquefaction and 
non-liquefaction zone in Kathmandu valley. The calculated CSR and  
cs
N
601
from the 
field data collected in this study also plotted in the graph. Black dot bulb in the graph are 
from the observed liquefied sites (Manamaiju, Imadol, NEC and Ramkot) and white dot 
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bulb is from the non-liquefied sites (Manahara) during the Gorkha Earthaquake 2015. 
3.7.1.2 Japan Road Association Method (JRA Method) 
Japan Road Association (JRA, 2002) also purposed an empirical method to evaluate the 
liquefaction potentiality of soils based on SPT field data. The identified liquefiable layer 
mentioned in chapter 3.6.1.1.1 are analyzed using the empirical relation suggested in JRA 
(2002) developed based on Japanese experiences. The JRA method can be comprises as 
follows; 
3.7.1.2.1 Evaluation of Seismic shear stress ratio, L  
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L = Seismic shear stress ratio 
max = Peak ground acceleration  
g = Acceleration of gravity 
v = Total overburden pressure 
'
v = Effective overburden pressure  
dr =Stress reduction coefficient in terms of depth  
dr =1-0.015Z, where z is the depth in meter 
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3.7.1.2.2 Evaluation of liquefaction resistance of soil layer as CRR (Cyclic Resistance 
Ratio) 
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Fig. 3.27 Correlation between CSR and Normalized SPT N value (After JRA, 2002) 
In JRA method, the measured SPT N value during the field test was corrected by the 
following equation; 
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Where,  
aN =corrected SPT N value considering effective overburden pressure and fine content. 
1N = Corrected N value considering the effecting overburden pressure at 1atm 
N = Measured SPT number during the field test 
1c & 2c  = factors to correct N value based on Fine content in soil 
FC  = Fine content (%) in soil passing thorugh the 75 m  sieve size 
Based on the above correction on measured SPT N value and seismic stress ratio generated 
by the earthquake using the equation (10), graph was plotted using the past earthquake data 
and boundary curve was established to separate’s the liquefied and non-liquefied location 
as shown in Fig.3.27. SPT test data of identified liquefiable layer in this study was 
analyzed using the JRA empirical relation. The analyzed data were plotted on the same 
graph as shown in figure. The black dot bulb in the Fig. 3.27 are the observed liquefaction 
locations during the Gorkha earthquake (2015) where as white dot bulb is the 
non-liquefied location. 
3.7.2 Analysis based on PS-logging 
Andrus and Stokoe (2000) developed liquefaction resistance criteria from field 
measurements of shear wave velocity, Vs. The shear wave velocity (Vs) in the soil is 
depend on void ratio, effective overburden pressure, stress history and geologic age of the 
soil. Similarly, liquefaction resistance of soil is also influenced by the above parameter, 
that’s why Vs in the soil can be used as an index of liquefaction resistance.  
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Fig. 3.28 Correlation between CSR and Normalized Shear wave velocity (Vs1) (After 
Andrus and Stokoe, 2002) 
Table 3.3 Identified Liquefiable layer 
 
Shear wave 
velocity Vs(m/s) 
Normalized shear wave 
velocity,Vs1 (m/s) 
Cyclic Stress 
ratio (CSR) 
Depth 
(m) 
GWT
(m) 
Location 
59.48 84.45 0.223 3 0 Manamaiju 
79.07 112.97 0.223 3 0 Imadol 
51.74 58.30 0.113 4 3 NEC 
78.15 88.07 0.115 4 3 Ramkot 
122.20 128.81 0.14 6 2.5 Manahara 
 
As mentioned in the chapter 3.7.2, PS-logging were carried out in all five SPT conducted 
locations in which four (Manamaiju, Iamdol, NEC and Ramkot) were liquefied and one 
(Manahara) did not liquefy during Gorkha Earthquake (2015). The measured in-situ Vs is 
shown in Table 3.4. Sandy layer with lowest Vs value below the ground water table has 
high potential of liquefaction during the earthquake shaking and considered as a critical 
soil layer for liquefaction.  
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Table 3.4 In-situ Vs-measurement data 
 
Locations 
Ramkot Manamaiju NEC Imadol Manahara 
Depth 
(m) 
S-wave 
velocity 
(m/s) 
Depth 
(m) 
S-wave 
velocity 
(m/s) 
Depth 
(m) 
S-wave 
velocity 
(m/s) 
Depth 
(m) 
S-wave 
velocity 
(m/s) 
Depth
(m) 
S-wave velocity 
(m/s) 
0-3 106.06 0-3 68.45 0-3 101.85 0-3 65.0 0-3 103.99 
3-6 120.53 3-6 213.65 3-6 86.14 3-8 120.88 3-6 148.43 
6-9 128.78 6-9 299.50 6-9 147.80 8-15 180.68 6-9 155.00 
9-11 123.26 9-12 319.01 9-13 180.45     
  12-15 294.13       
 
The soil type and recorded Vs data in each borehole was analyzed and picked up the sandy 
soil layer with lowest Vs below the ground water table for analysis. The details of 
identified soil layer in each locations are as shown in Table.3.3. 
The Cyclic stress ratio (CSR) generated by Gorkha earthquake (2015) was calculated by 
using the equation (8). The measured in-situ Vs was normalized with effective overburden 
stress using the equation (Sykora 1987; Kayen et al. 1992): 
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Where, 
1sV = Normalized shear wave velocity by effective overburden stress in m/s 
      
aP  = Atmospheric pressure approximated 100kPa (1 atm) 
      
'
0v = Effective overburden pressure kPa 
       
sV = Measure shear wave velocity in m/s 
The calculated CSR and 
1sV  are shown in Table.3.3 
Andrus and Stokoe’s (2000) proposed CRR versus 
1sV  curves based on database that 
includes 26 earthquakes and more than 70 measurement sites (Youd et al. 2001) for 
magnitude 7.5 earthquakes as shown in Fig. 3.28.The presented graph was verified from 
liquefaction case history information for magnitude 5.9-8.3 earthquakes. The curve (Blue 
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line) in the graph is the boundary line separates the liquefaction and non-liquefaction 
points. The calculated CSR and Vs1 in this study were also plotted in the graph as shown 
in Fig 3.28. The point’s represents by black dot in the graph were the observed liquefied 
locations and white dots represents the non-liquefied location during the Gorkha 
earthquake 2015. The plotted white diamond points in the graph are the locations where 
shear wave velocity was measured during the JICA (2002) study and did not observe 
liquefaction during the Gorkha earthquake 2015.  
3.7.3 Results and Discussions 
In-situ Standard Penetration Test (SPT) and PS-logging were conducted in five locations 
after the Gorkha earthquake 2015. Among them, liquefaction was observed in four 
locations and there was no liquefaction detected in rest one location. Based on in-situ test 
data and earthquake recorded data, cyclic stress ratio (CSR) induced by the earthquake and 
Normalized SPT N value on the identified potential liquefiable layer of soil, were 
calculated applying USA and Japan based methods. The calculated CSR and corresponding 
 
cs
N
601
data from sites were plotted on the graph proposed by Seed et al (1985) to evaluate 
the liquefaction resistance of soil for validation in Kathmandu scenario. As shown in 
Fig.3.18 three black dots represents the liquefied points are in above the red boundary 
curve means in the liquefied zone and one is below the red curve indicating the 
non-liquefied zone. Similarly, the white dot represents the non-liquefied location lies in the 
boundary of the curve. The black dashed line in Fig. 3.18 is the reproduced boundary curve 
to separate the liquefaction and non-liquefaction zone considering the induced number of 
cyclic stress during the Gorkha earthquake. In this context, two black dot points lies below 
the dashed black line means in non-liquefied zone. Based on this case study after the 
Gorkha earthquake in Kathmandu valley, it shows that the graph proposed by Seed et al. 
(1985) to evaluate the liquefaction resistance of soil cannot be directly applied in 
Kathmandu context. Similarly, the calculated seismic induced stress ratio (L) with 
corresponding Na were plotted on the graph proposed by JRA (2000) to evaluate the 
liquefaction resistance of soil. In this graph also three liquefied locations observed during 
the Gorkha earthquake (represents by black dots) lied below the boundary curve, which is 
in non-liquefied zone as shown in Fig. 3.19. It indicates that the graph proposed by JRA 
(2000) to evaluate the liquefaction also cannot directly applicable for Kathmandu context. 
The possible reason for the doubt on the applicability of methods established based on the 
experiences in Japan and the US may be due to the error and inconsistency in the field 
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in-situ test practice in Kathmandu. During the field test, it was observed that the weight 
was not freely dropped and also there was inconsistency on the dropping rate of the weight 
operated manually by chain pulley which ultimately increase the number of blows needed 
to penetrate the 30cm soil layer. If we compare the results of this study plotted in the two 
graph based on Japan and US experiences, in US based curve proposed by Seed et al 
(1985), two liquefied points lies on the non-liquefaction zone considering the reproduced 
curve of Gorkha earthquake as shown in Fig.3.18 where as in Japan based curve proposed 
by JRA (2000) three liquefied points lies on the non-liquefaction zone as shown in 
Fig.3.19. US based method considered the energy efficiency of the hammer on (N1)60 
calculation, But in the JRA method there is no direct correction on the hamper energy 
efficiency considered on the calculation. The differences seen in the two graph may be due 
to the effects of hammer energy efficiency.  Also the measured SPT N value in some 
depth were exceptionally high near to 200 in sandy layer as shown in Fig. These all 
observations shows that standard procedure for in-situ field test doesn’t fully followed in 
Kathmandu practice. This study indicates either the in-situ field test practice should be 
improved or taken lower value of hammer energy ratio (around 0.5) on (N1)60 calculation 
to evaluate the liquefaction resistance of Kathmandu soil using empirical relation based on 
US and Japan experiences. 
Fig.3.20 shows the relation between CSR and Vs1 proposed by Andrus and Stokoe’s 
(2000) to evaluate the liquefaction resistance of the soil from the past earthquake case 
histories and field measurement of shear wave velocities in uncemented Holocene-age 
soils. The calculated CSR and Vs1 based on the Gorkha earthquake seismic data and 
in-situ Vs-measurement data from the Kathmandu valley were plotted on the suggested 
graph as shown in Fig.3.20. All the liquefied and non-liquefied points were laid above the 
boundary curve (Liquefaction zone) of suggested empirical correlation between CSR and 
Vs1 as shown in Fig.3.20. It showed that the suggested empirical relation by Andrus and 
Stokoe’s (2000) do not directly applicable to evaluate the liquefaction resistance of 
Kathmandu soil.  
3.8 Liquefaction potential analysis based on laboratory experiments  
3.8.1 Cyclic triaxial test 
The collected soil sample from continuous sampling were placed in wooden box in each 
1m length. The identified soil layer which seems more susceptible to liquefaction were 
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selected for undrained cyclic triaxial test in the laboratory. The selected soil sample of all 
four liquefied sites were oven dried first and brought to Ehime University Japan to conduct 
the cyclic triaxial test. The grain size distribution of the selected soils layer for cyclic 
triaxial test are shown in Fig.3.29. Similarly, the test conditions and physical properties of 
the soil selected for undrained cyclic triaxial test are presented in Table 3.5 and 3.6 (a) (b) 
&(c).  
  
Fig. 3.29 Grainsize distribution curves 
All the specimens were prepared using the wet tamping method in this study. The 
predetermined quantity of dry soil required for the triaxial specimen was mixed in a thin 
transparent plastic bag with adding 5% of distilled water by weight. The homogenously 
mixed wet soil in a plastic bag was transferred in a hard plastic mold with internal 
dimension of 50 mm diameter and 100 mm high and tamped to the target relative density in 
five layers of each 20mm thick. To prepare each layer, a required amount of soil was 
tamped into specified thickness by dropping its surface manually with a metal cylindrical 
having a diameter of 3.4cm. It should be noted that several trail test was carried out to 
ensure the no of blows required for the target relative density before the actual specimen 
prepared for the test. 
The prepared specimen was transferred from the mold to a triaxial apparatus and was fully 
saturated by the double vacuuming method applying approximately a pore water pressure 
of -95kPa and a cell pressure of -85kPa with de-aired water. It means confining stress was 
set approximately 10kPa during the saturation process. In this saturation process, more 
than two times the volume of water equal to pore volume of specimen was flowed through 
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the specimen to make the sample at enough saturation level necessary for liquefaction test. 
When the saturation process was completed, Skempton’s B-value was measured and 
confirmed that it was higher than 0.95, the specimen was than consolidated isotopically at 
an effective confining pressure of 100 kPa.  All the undrained cyclic triaxial tests 
mentioned in this study were performed under initial confining pressure of 100kPa. The 
back pressure applied to the specimens was 200kPa to achieve a higher Skempton’s 
B-value. In each specimens, shear modulus at an axial strain level of 10-5 was measured, 
during small cyclic loading, the vertical displacement of the top cap was measured with a 
gap sensor and cyclic undrained shearing with a loading frequency of 0.1 Hz was 
performed.  
Table 3.5 Physical properties of soil  
Location  
Specific Gravity 
(G) 
Maximum void ratio,
maxe  
Minimum void ratio 
mine  
Manamaiju 2.66 1.458 0.793 
NEC 2.662 2.166 1.02 
Imadol 2.63 1.36 0.66 
Ramkot 2.65 NA* NA* 
N* not applicable  due to excessive fine content 
 
Table 3.6 Test conditions on cyclic triaxial test (a) Manamaiju (b) NEC & (c) Imadol 
(a) Manamaiju site 
Effective confining 
pressure, '
c  (kPa) 
Dry density 
d (g/cm3) 
Target Relative 
Density, Dr (%) 
Back pressure 
(kPa) 
Skempton’s 
B-value 
100 1.23 45 200 0.962 
100 1.29 60 200 0.95 
100 1.38 80 200 0.962 
100 1.54 110 200 0.925 
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(b) NEC 
Effective confining 
pressure, '
c  (kPa) 
Dry density 
d (g/cm3) 
Relative Density, 
Dr (%) 
Back pressure 
(kPa) 
Skempton’s 
B-value 
100 1.008 45 200 0.962 
100 1.07 60 200 0.975 
100 1.183 80 200 0.925 
100 1.32 100 200 0.915 
 
(c) Imadol 
Effective confining 
pressure, '
c  (kPa) 
Dry density 
d (g/cm3) 
Relative Density, 
Dr (%) 
Back pressure 
(kPa) 
Skempton’
s B-value 
100 1.008 45 200 0.962 
100 1.07 60 200 0.975 
100 1.183 80 200 0.925 
100 1.32 100 200 0.915 
  
3.8.2 Results and discussions 
Fig. 3.30 (a) and (b) show the typical results of undrained cyclic triaxial test for manamaiju 
and NEC soil at target relative density (Dr) of 80% with applied cyclic stress ratio of 








 15.0
2 'c
d

 0.15 respectively. In these figures, cyclic stress ratio, axial strain and excess 
pore water pressure are plotted versus the number of cycle. In these tests, the loading arm 
was free to move vertically during cyclic loading. It can be seen from these figures that the 
amplitude of cyclic stress was maintained constant during cyclic loading without being 
affected by the development of large axial strain. This fact shows that the cyclic loading 
system worked very satisfactorily and behavior of soil can be evaluated by observing the 
increment pattern of axial strain with number of loading cycles. Even though the tested 
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Fig. 3.30 Typical undrained cyclic triaxial test results (a) Manamaiju & (b) NEC. 
specimen was relatively dense (Dr=80%) the soil behave as a loose soil by increasing the 
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axil strain abruptly large when the pore pressure reaches near to the initial confining 
pressure as shown in Fig. 3.30 (a) & (b). This is the quite different behavior observed in 
the Kathmandu soil rather than the other sandy soil at dense state where axial strain 
increases gradually with the loading number of cycles. Liquefaction is defined herein as a 
condition at which the pore water pressure is approximately equal to the initial confining 
pressure. It was found that the liquefaction resistance of both the soil was considerably 
lower as the pore water pressure reached equal to the initial confining pressure at 21.5 and 
15.5 loading cycles for Manamaiju and NEC at stress ratio of 0.15 respectively.Fig.3.30 (a) 
and (b) also shown the effective stress path and the stress-strain relationship recorded. The 
shear stress and shear strain relation shown in the figure are the recorded stress-relation 
during the small cyclic loading before the cyclic undrained shearing was performed for 
liquefaction test. The slope shown in dash line shows the shear modulus (G0) of soil. 
3.8.3 Liquefaction strength curve 
Fig. 3.31 shows relationships between the cyclic stress ratio 
 '2 c
d


 and the number of 
cycles N to cause an excess pore water pressure equal to the initial effective confining 
pressure, where d  and 
'
c  denote the deviatric stress and the confining stress 
respectively. To obtain the liquefaction strength curve, minimum four tests were performed 
by applying the different cyclic stress ratio and recorded the number of cycles needed to 
generate the pore water pressure equal to the initial confining pressure on same relative 
density specimen. The corresponding stress ratio at which the pore water pressure reached 
to the initial confining pressure at 20 number of cycles is the liquefaction strength of the 
soil. The liquefaction test was performed at loose state to maximum possible dense state to 
observe the behavior of Kathmandu soil at different density level. Figure …are shown that 
the liquefaction strength is not significantly increase with the relative density even for 
dense soil. The trend are similar for all sites, Manamaiju, NEC and Imadol as shown in Fig. 
3.30. 
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Fig. 3.31 Liquefaction strength curve (a) Manamaiju, (b) NEC & (c) Imadol. 
Generally soil density is considered as a key parameter controlling liquefaction 
susceptibility. Dr was used as a common scale for densities of granular soils in liquefaction 
studies because the absolute soil density is greatly influenced by practical grading. Several 
correlations were developed for clean sands between Dr and the CRR based on laboratory 
tests on reconstituted sands. Fig 3.32 shows a typical cyclic resistance ratio (CSR) versus 
relative density (Dr) relationship for Kathmandu soil along with the Toyoura sand obtained 
from cyclic undrained triaxial tests on reconstituted sands by wet tamping method. In 
toyoura sand CRR increase proportionally with increasing Dr up to 70%, then increases 
significantly independent with the Dr as shown in Fig.3.32. But in Kathmandu soil CRR 
did not increases in propionate with Dr. Even for very high Dr, the CRR did not increase 
significantly and very low in comparison with the toyoura sand at same Dr value as shown 
in Fig.3.32.    
Tokimatsu et al. (1986) conducted cyclic triaxial test on Niigata sands with different 
densities to investigate the possible relationship between liquefaction characteristic and 
densities. Their test results appeared in scatter without any trend for all the sample except 
to those which were prepared by air-pluviation method, indicating no distinct relation 
between liquefaction characteristic and density. The air-pluviation samples showed 
well-defined trend in which the stress ratio increases approximately in direct proportional 
88 
 
to the relative density up to 75% and then increases more rapidly with further increase in 
the density. The liquefaction strength also varied 3-4 times on the same density soil 
prepared by different sample preparation method. They concluded that these differences 
may be due to the differences in the soil fabrics and volume change characteristics of these 
samples. Similarly, the distinct behavior observed in the kathamndu soil be probably due to 
the difference in the volume change characteristics due to the difference in mineralogical 
composition in toyoura sand and the Kathmandu soil which content approximately 20% 
mica.  
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Fig. 3.32 Relation between relative density (Dr) and Cyclic stress ratio. 
3.8.4 Deformation test 
The stiffness and deformation characteristic of the Kathmandu soil was obtained by 
performing the deformation test for each relative density soil sample used in the 
liquefaction strength analysis. The deformation test was performed on the same confining 
pressure 100kPa as applied in liquefaction strength test. The stage loading method was 
applied to develop the shear modulus versus shear strain curve for each sample by 
applying the cyclic loading starts from very small strain level (approximately 1.0E-5) to 
high strain level progressively. Six number of cycles was applied for each stage of loading 
and plotted the graph between loadings versus deformation. The shear modulus at each 
level of loading was calculated by identifying the distinct hysteresis loop which is 
necessary to minimize the error on the calculation. The degradation curve was obtained by 
plotting shear modulus in its corresponding strain level from all stage of loading applied in 
the test. Fig.3.33 (a), (b) & (c) shows the degradation curve of the Kathmandu soil 
obtained from the deformation test conducted in this study. The maximum shear modulus 
was in the range of 20MPa as depicted in Fig.3.33 (a), (b) & (c), which were calculated at 
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very small strain level (1.0E-5) in which the soil specimen behaves like an elastic solid. 
The shear modulus is influenced by the relative density as shown in Fig.3.33 (a), (b) and 
(c). In figure it shows that Shear modulus consistently increase with the relative density 
(Dr). As Dr increases the shear modulus versus shear strain curve plot higher. These trends 
are the well-known and have been observed in previous studies also (Kokusho, 1980; 
Iwasaki and Tatsuoka, 1977; Hardin and Drnevich, 1972 (a) and 1972 (b)). 
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Fig. 3.33 Correlation be ween Shear modulus (G) and shear strain ( ) 
The Fig.3.33 (a), (b) & (c) also shows that the effects of Dr decreases with the increases of 
strain level. In figure it shows that shear modulus versus shear strain curve are very close 
when the strain level reached higher than 1.0E-3. 
Fig. 3.33 (d) shows the normalized shear modulus versus shear strain relationship on the 
semi logarithmic graph to observe the deformation shape of kathmandu soil. Shear 
modulus (G) obtained from the deformation test at different strain level for each relative 
density soil sample shown in Fig.3.33 (a), (b) & (c) were normalized (G/G0) by the shear 
modulus (G0) obtained at minimum strain level loading. The deformation shape of the all 
the soil samples are similar as shown in Fig.3.33 (d). The curve which lies right hand side 
along the shear strain axis indicates the more elastic soil which may be due to the higher 
percentage of fine content on it.   
In Fig. 3.34 (a) and (b) both the shear modulus versus shear-strain and normalized shear 
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modulus versus shear-strain curve obtained in this study were compared with the toyoura 
sand and Ottawa sand (Both are silty sand). The shear modulus (G0) of kathmandu soil is 
much lower (4 to 5 times) than the Ottawa and Toyoura sand as shown in Fig. 3.34 (a). It 
indicates that the Kathmandu soil have very low stiffness which can deform even in a 
small cyclic loading. Similarly, Fig.3.34 (b) compare the deformation shape of the 
kathmandu soil with toyoura sand and Ottawa sand. Deformation shape of the curves 
shows that kathmandu soil has similar deformation characteristic with the toyoura sand as 
shown in Fig.3.34 (b). All the normalized deformation curves of kathmandu soil lies right 
side along the shear strain axis which indicates the kathmandu soil is more elastic then the 
toyoura and Ottawa sand. 
Tatsuoka et al. (1979) purposed an empirical relation to calculate the Maximum shear 
modulus (G0) in terms of void ratio (e) and effective stress (
'
0 ) and expressed by; 
 
)14.3(
1
17.2 '
0
2
0 
e
e
AG


   
In which A= an empirical constant. Using the equation (14) empirical constant (A) was 
calculated for the Kathmandu soil (approximately 300) using the maximum shear modulus 
obtained from the deformation test in this study and purposed the expression for 
Kathmandu soil as follows; 
 
 
)15.3(
1
17.2
300 '0
2
0 
e
e
G


   
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Fig. 3.34 Comparison the correlation between Shear modulus (G) and shear strain ( ) 
with Toyoura sand and Ottawa sand. 
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Fig. 3.35 Correlation between pore pressure ratio (ru) and Shear strain ( ) 
There is an alternative approach instead of cyclic stress ratio (CSR) to assess the 
liquefaction triggering. Dobry et al, (1981a, 1982) proposed the cyclic shear strain )( c  
approach in which the strain parameter c  would replace the stress parameter (CSR) in 
liquefaction triggering evaluations. This approach used field measurements of the shear 
wave velocity to estimate the representative cyclic shear strain induced by the earthquake 
shaking. Dobry and Abdoun (2015) reported that the required threshold shear strain to start 
the pore pressure buildup is around .01% ( %)01.tc and to reach the pore pressure ratio 
(ru) 1 is around 0.4-3% ( %)34.0 cl  and this is constant within a factor of 2. Similarly, 
the relation between pore pressure ratio (ru) and c  for a given number of cycles (n) in 
normally consolidated soils is not very sensitive to soil type including nonplastic fines 
content, relative density, and soil fabric (deposition method). This is contrast with the 
results of stress-controlled tests in sands, which are very sensitive to relative density and 
deposition method (Park and Silver, 1975; Silver and Park, 1976; Seed 1979; Dobry et al. 
1982; Dobry and Abdoun 2011). Fig. 3.35 shows the relation between ru and cyclic shear 
strain   observed in this study and the results follow the similar trend with the past 
studies on the starts of pore pressure build up and to reach the pore pressure ratio 1ur . 
The shear strain required to reach the pore pressure ratio 1ur  was obtained by 
extrapolating the curve shown in Fig. 3.35. 
Shear modulus (G0) obtained at small strain level loading with variable relative densities 
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containing various amount of fines shown in Fig.3.33 (a), (b) &(c) are presented in Table 
3.7.In this study, shear wave velocity (Vs) was calculated to investigate the liquefaction 
strength (CRR) versus shear wave velocity relationship from the cyclic triaxial test results 
on reconstituted samples of Kathmandu soil by using the following expression; 
)16.3(20 sVG   
This expression assumes isotropic linear elasticity. In equation 3.16, 0G = maximum shear 
modulus at small strain level loading in elastic range,  = mass density, typically obtained 
from the total unit weight of the saturated soil divided by the acceleration of gravity, sV  = 
shear wave velocity in the soil.  
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Fig. 3.36 Proposed S-wave velocity based boundary line to assess liquefaction and 
non-liquefaction sites in Kathmandu valley. 
Equation (3.16) shows that sV constitutes a measure of the shear stiffness of the soil at very 
small cyclic shear strains in the order of 0.00001 or less. The obtained shear wave velocity 
from the equation (3.16) was normalized with the depth by using the equation (3.13). The 
shear wave velocity obtained from the cyclic triaxial tests were under the isotropic stress 
condition. Considering the earth pressure coefficient 0K =0.5 the sV  calculated from the 
laboratory experiments were multiplied by 
 
3
21 0K  to compare with in-situ sV
-measurements and case histories of Gorkha earthquake 2015 at anisotropic stress 
condition. 
94 
 
Table 3.7 Maximum shear modulus (G0) and normalized shear wave velocity (Vs1) from cyclic triaxial test 
Description  
Manamaiju at Relative density, Dr  NEC at Relative density, Dr 
Imadol at Relative 
density, Dr  
45 (%) 60 (%) 80 (%) 110 (%) 45 (%) 60 (%) 80 (%) 100 (%) 45 (%) 60 (%) 
Maximum Shear Modulus, 0G
(kPa)   
14583.0 16187.0 17802.0 21484.0 13875.0 14875.0 15425.0 19102.0 17885.0 21878.0 
Shear wave velocity, 
 

0GVs 
 m/s 89.93 93.77 96.84 103.67 91.41 93.477 93.28 101.38 98.67 107.85 
Normalized Shear wave velocity,  
25.0
'1
100









c
ss VV

m/s 81.36 84.83 87.62 93.79 82.70 84.57 84.39 91.72 89.27 97.58 
The cyclic resistance ratio (CRR) and normalized shear wave velocity, sV obtained from the undrained cyclic triaxial tests were re-plotted on 
the same graph (Andrus and Stokoe, 2000) described in 3.7.2 and shown in Fig.3.28. The undrained cyclic triaxial tests results showed 
consistency and well-defined trend in cyclic resistance ratio and normalized shear wave velocity ( sV ) relation. A red line drawn in the figure is 
an estimated relationship to represent this trend for Kathmandu soil. This new developed boundary line based on undrained cyclic triaxial test 
data on reconstituted sample of Kathmandu soil also verified by the case histories of Gorkha earthquake 2015 as shown in Fig. 3.36. All the 
liquefied 
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locations represented by black dot in this graph lied above the red line along the CSR axis 
(Liquefied zone) and the non-liquefied location lied right hand site along the 1sV axis 
(non-liquefied zone) as shown in Fig. 3.36. The in-situ sV -measurement carried out 
during the JICA (2002) study also validates this new boundary line. Among the five 
locations where liquefaction did not noticed during Gorkha earthquake 2015, four lied 
clearly in non-liquefaction zone and one lied on the boundary line as shown in Fig. 3.36. 
During the field investigation, it was observed that there is a problem on the execution 
practice of SPT test in Kathmandu valley. Mostly the effectiveness of weight drop to 
penetrate the 30cm soil layer seems less in Kathmandu practice which may lead to 
measure the N-value in higher side in comparison with the similar type of soil in other 
parts of the world especially in Japan and United states. One of the main cause for the 
under estimate of liquefaction potential of Kathmandu valley by normalized N value 
versus CSR curve proposed by Seed et al. (1985) and JRA (2000) may be due to this 
non-standard SPT test practice in the field. For the time being until n unless the execution 
procedure of SPT test in the field improved and maintained the standard, new boundary 
curve in correlation with normalized N value and CSR is developed and proposed which 
may correctly assess the liquefaction and non-liquefaction sites in Kathmandu valley based 
on SPT in-situ test data as shown in Fig. 3.37 (a) and (b).   
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Fig. 3.37 Proposed SPT-N value based boundary line to assess liquefaction and 
non-liquefaction sites in Kathmandu valley (a) Simplified procedure (b) JRA method. 
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3.9 Conclusions  
Field in-situ test including Standard Penetration test (PS-logging) and PS-logging were 
carried out in five locations (four liquefied and one not liquefied) of liquefied and 
non-liquefied sites during the Gorkha earthquake 2015. Continuous soil sampling was also 
performed in all five locations to investigate the detail soil stratifications and collected the 
sample for further investigation in the laboratory. The in-situ field data were analyzed by 
the empirical relation based on US and Japan experiences. The collected sample from the 
identified liquefiable layer were investigated in the laboratory by the undrained cyclic 
triaxial tests. 
The detail investigations on in-situ field tests data and laboratory experiment carried out in 
the cyclic triaxil tests leads the following conclusion.  
The correlation between the CSR and normalized SPT N value obtained based on the 
simplified procedure suggested that the empirical relation suggested by seed et al. (1983) 
to separate the liquefaction and non-liquefaction zone do not completely valid for 
Kathmandu context. During the field test it was noticed that there is lack on the practice to 
follow the standard procedure on SPT test. Mostly the hammer efficiency looks very low 
as compared with the factor generally considered in the calculation. The measured N value 
are extremely in high range than the N value generally measured in the other parts of the 
world on the similar type of soil layer, this was due to the low efficiency of the hammer. 
This study revealed that either the field execution procedure for SPT test should be 
improved or the hammer efficiency ratio should be taken on lower side to make valid the 
graph suggested by Seed et al. (1983) to separate the liquefaction and non-liquefaction 
zone in Kathmandu valley. 
The correlation plotted between the CSR and normalized SPT N value estimated based on 
the JRA method also did not agreed with the suggested graph to separate the liquefaction 
and non-liquefaction zone. In JRA method there is no hammer efficiency ratio taken in to 
account to calculate the normalized N value. This study suggested that the JRA method can 
only valid for Kathmandu context if the field procedure improved and followed the 
standard for the field test. 
The correlation between the CSR and normalized shear wave velocity (Vs1) calculated 
based on the in-situ Vs-measurement also did not valid the graph suggested by Andrus and 
Stokoe (2000) to separate the liquefaction and non-liquefaction zone in Kathmandu soil. 
The undrained cyclic triaxial test results revealed that the Kathmandu soil is very soft. The 
shear modulus (G0) value obtained from the cyclic triaxial test was just around 20000 kPa 
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which is 4-5 times lower than the Toyoura sand (around 85000kPa) and Ottawa sand 
(around 110000kPa) at strain level of 0.00001. The graph plotted between the normalized 
shear modulus with corresponding shear strain suggested that the deformation shape of 
Kathmandu soil is more or less similar with the toyoura sand and the Kathmandu soil is 
more elastic in comparison with the toyoura and Ottawa sand. 
Cyclic triaxial test results at different relative density of reconstituted sample showed that 
there is no significant difference on the liquefaction characteristic of Kathmandu soil with 
relative density. The liquefaction strength curve of the 45% and 80% relative density 
sample found very near to each other. This is may be due to the high compressive nature of 
the Kathmandu soil which contain approximately 20% mica in its mineralogy.   
The correlation plotted between the CSR and normalized shear-wave velocity (Vs1) 
obtained from the cyclic triaxial test obeyed a well-defined trend and came close all the 
test results carried out in this study. Based on the cyclic traiaxial test results new boundary 
line was proposed to separate the liquefaction and non-liquefaction zone for Kathmandu 
soil. The purposed boundary curve was validated from the in situ Vs- measurement data on 
the liquefied and non-liquefied locations during the Gorkha earthquake 2015 and the data 
collected during the JICA (2002) study.  
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Chapter 4 
PHYSICAL MODELING IN CENTRIFUGE: 
EVALUATION OF DESATURATION BY AIR 
INJECCTION TECHNIQUE ON EXISTING LIGHT 
STRUCTURES 
4.1 Introduction 
This chapter presents a study on the effectiveness of desaturation by air injection technique 
on existing light structures using physical modeling in centrifuge.  
Recent earthquakes, such as the one in Christchurch in New Zealand (2011) and Off the 
Pacific Coast of Tohoku, Japan (2011), damaged a significant number of residential houses 
as a result of foundation soil liquefaction (Yasuda et al., 2012; Orense, 2011; Cubrinovski 
et al., 2012; Nakai et al., 2012). These facts suggest a strong need to develop reliable and 
cost-effective countermeasure techniques to remediate liquefiable foundation soils 
underlying existing residential houses. 
It is recognized that natural soil deposits below the groundwater table are fully saturated 
(Tsukamoto et al., 2002). Recent investigations have revealed that air artificially injected 
into originally saturated soils significantly lowered the degree of saturation (Tokimatsu et 
al., 1990; Okamura et al., 2003), and that this unsaturated condition was typically 
sustained for decades or longer (Okamura et al., 2006). The study conducted by Okamura 
et al. (2003, 2006) indicates that this injected air will not easily dissipate. Okamura et al. 
(2006) measured the degree of saturation for six sites in the Niigata area, where the degree 
of saturation was lowered during ground improvement by the sand compaction pile (SCP) 
method within one month to several years before the samples were obtained by an in situ 
freezing method. The trend of variations in the degree of saturation for soils within one 
month after the ground improvement was quite similar to that after multiple years. During 
this time, earthquake shaking of approximately 1 m/s2 was observed in that area, but no 
significant change in the degree of saturation was observed in the measurement, which 
indicates the sustainability of injected air bubbles in soil pores. Because the degree of 
saturation significantly affects the resistance of soil to liquefaction, soil desaturation by air 
injection has attracted the interest of researchers and engineers as a new, innovative 
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liquefaction countermeasure technique (Okamura et al., 2011). Because air is the only 
material used in this technique, the expected advantages of the technique include low 
execution cost and environmental impact. 
To employ this technique in practice, several technical concerns must be clarified in 
advance. One is the liquefaction resistance of unsaturated sand, which has to be 
quantitatively estimated. The effect of the degree of saturation on the liquefaction 
resistance of soil has been studied since the 1960s. Yoshimi et al. (1989) conducted cyclic 
torsional tests on hollow cylindrical specimens to investigate the effects of the degree of 
saturation on liquefaction resistance. The test results showed that the liquefaction 
resistance increased significantly with decreased degree of saturation, to such an extent 
that the liquefaction resistance at 70% saturation was approximately three times that at full 
saturation. Okamura and Soga (2006) derived the influential factors of the liquefaction 
resistance of partially saturated sand from theoretical considerations and examined the 
effects of these factors through a series of triaxial tests. They concluded that the cyclic 
shear stress ratio required to liquefy unsaturated sand increases with either increased initial 
effective confining stress or decreased degree of saturation. A unique relationship has been 
found between liquefaction resistance ratios and potential volumetric strain, which enables 
the quantitative estimation of the liquefaction resistance of unsaturated sand. Other 
important topics related to this countermeasure technique, which have been discussed 
elsewhere, include the execution of this technique in the field (Okamura et al., 2011), the 
longevity of injected air in the soil (Okamura et al., 2006), and the evaluation of the extent 
of the desaturation zone created by a single air injector (Yasuhara et al., 2008 and) and its 
cost effectiveness (Okamura and Tomida, 2015). 
It is critical to determine the effectiveness of this technique to reduce the deformation of 
foundation soil and the settlement of structures. Okamura et al. (2012) demonstrated the 
effectiveness of this countermeasure technique for an existing embankment through a 
series of centrifuge tests. A 2.0 m high and 10 m wide prototype embankment resting on a 
loose saturated sand bed subsided as much as 0.36 m owing to soil liquefaction induced by 
base shaking. This subsidence was reduced by 95% through desaturation before shaking. 
As mentioned later, because desaturation is more effective for the liquefaction resistance of 
soil under higher initial effective stress, it is interesting to determine the effectiveness of 
desaturation on soils at lower effective stress, such as that experienced by soils supporting 
small and light residential buildings. Thus, in this study, the effectiveness of the 
countermeasure technique, desaturation by air injection into the foundation soil under 
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existing residential buildings, is examined through a series of centrifuge tests. 
4.2 Desaturation by Air Injection as a Liquefaction Countermeasure 
In this section, the quantitative estimation of liquefaction resistance is briefly introduced, 
and the two dominant factors (degree of saturation and stresses) are taken into account. 
Detailed information can be found in Okamura and Soga (2006). Considering a soil with 
pores filled with air and water, the volumetric strain of the soil induced by a small change 
in the pore pressure, p , can be expressed by using Boyle’s law as follows:  
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Where, rS , 0p , and e  denote the degree of saturation, initial absolute pressure of the fluid, 
and void ratio of the soil mass, respectively. When the applied pressure ( p ) reaches its 
maximum possible value, that is, the effective confining stress ( '
c ), the volumetric strain 
reaches its maximum possible value, which is termed as potential volumetric strain, 
v .  
 
 
Fig. 4.1 Relation between potential volumetric strain and liquefaction resitance ratio 
(Okamura and Soga, 2006) 
Okamura and Soga (2006) investigated the effects of the factors derived above through a 
series of triaxial tests on Toyoura sand specimens with a relative density of 40%, prepared 
at different degrees of saturation and consolidated at various effective stresses. They found 
that the liquefaction resistance increased with a decrease in degree of saturation, and that 
the liquefaction resistance was higher for a higher initial effective confining pressure. The 
liquefaction resistance ratio (LRR), which is the ratio of the liquefaction resistance of 
unsaturated to fully saturated sand, is plotted against the potential volumetric strain in 
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Fig.4.1. All data from the tests (Okamura and Soga, 2006) lie along a unique curve, 
confirming that the potential volumetric strain is the determining factor of the effect of 
degree of saturation. This clearly indicates that the liquefaction resistance of unsaturated 
sand is highly dependent on stress level. Effects of soil desaturation can be properly 
modeled in centrifuge tests rather than small-scale model tests. 
4.3 Centrifuge Modelling  
Centrifuge model testing is a strong method available to carry out the study and analysis of 
design problems by using geotechnical materials (R. N. Taylor). This is one of the most 
advanced techniques on which soil samples can be tested in a small size and results can 
extrapolate to prototype stage. Modeling in a centrifuge means physical modeling which 
can replicate the occurrence that exists in the actual size (prototype). In geotechnical 
modeling soil behavior is reproduced in the model in terms of strength and strain.  
Centrifuge modeling techniques are increasingly used to simulate seismic events, such as 
investigation of liquefaction and soil–structure interaction. A liquefaction study through 
centrifuge modeling was started at Cambridge University in England in the late 1970`s and 
found very effective tool for liquefaction analysis (Whitman and Arulanandan, 1985, 
Hushmand et al. 1988, Schofield, 1981, Ko, 2004).  
The physical model under the centrifugal field allows for well-controlled testing conditions, 
thus are relevant to conducting parametric studies and investigating failure mechanisms. 
This method is especially useful for validating numerical tools, including constitutive 
models, as well as the boundary-value problems. In a centrifuge model dynamic events are 
simulating according to the scaling rules means gravity, frequency, and acceleration are 
increased by N times so that the length and time can be reduced by the same factor N. The 
stress, strain of the prototype soil mass are kept constant. The centrifugal model tests 
enable considerable cost saving in terms of total quantity of materials, labor and time spent 
in model preparation compared to large-scale shaking table test (Ling et al. 2003). 
In view of the limitations of full scale observations during real events, resulting from 
temporal and spatial unpredictability of earthquakes, and the difficulties involved with 
numerical modeling of these problems, due to the complex behavior of liquefiable soil, 
centrifuge modeling emerges as a very important tool in research. In fact, taking into 
account that the soil physical and stress conditions are reproduced, centrifuge modeling is 
able to capture the true soil behavior under realistic loading, provided that the boundary 
conditions of the problem are properly set (Marques, A.S et al.). 
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In this study centrifuge models were prepared in 1: 50 scale in laboratory and tested on 
centrifuge by imparting the predicted seismic event at 50g centrifuge acceleration. The test 
findings came out through the saturated and desaturated (by air injection) centrifuge tests 
were compared. 
4.4 Scaling Law in the Centrifuge 
Physical modelling is concerned with replicating an event comparable to what might exist 
in the real field. If the same soil is used in the model as in the prototype and prepared the 
model carefully with adopting a reliable procedure whereby the model is subjected to a 
similar stress history ensuring that the packing of the soil particles is replicated, then for 
the centrifuge model subjected to an inertial acceleration field of N times earth’s gravity 
the vertical stress at depth mh will be identical to that in the corresponding prototype at 
depth 
ph  where mp Nhh   here, the subscripts p and m denotes prototype and model 
respectively. This is the basic scaling law of centrifuge modelling. The stresses similarity is 
achieved in the model and prototype by accelerating the model of scale N to N times the 
earth’s gravity. For example if 1m deep model container is filled with soil and placed in the 
centrifuge with applying to a centrifugal acceleration of 50g, the pressures and stresses are 
increased by a factor of 50. So, the vertical stress at the base of the model container is 
equivalent to the vertical stress at a depth of 50m below the ground surface. It means, the 
1m deep model represents 50m of prototype soil. In centrifuge modeling stresses similarity 
between model scale and prototype state can be expressed mathematically as; 
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Where, 
  denotes the ratio of stress quantity at the model to quantity at prototype. If 
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then stress in a model ( elmod ) will be equal to the stress in the prototype 
(
prototype ). In centrifuge modeling, we scale down the Length (L) of the model and scale 
up the gravity (g) or acceleration (a). The soil sample and mass density () are same in the 
model and prototype which ensure to get the similar behavior in both the state. In a 
centrifuge modeling for given scaling factor N, 
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Substituting the value of F and  to the equation (4.6) 
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Substituting the value from above eqn. (4.3) (4.4) and (4.5) to the eqn. (4.6) 
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Table 4.1 Common scale factors for centrifuge model (Kutter, 1992) 
Description  Symbol Units Scale factor 
Length L  L  
N
1  
Volume V  3L  3
1
N
 
Mass m  m  
3
1
N
 
Acceleration, 
Gravity 
ga,  
2T
L
 N  
Force F  2T
L
m  
2
1
N
 
Stress S  
2LT
m
 1 
Modulus of 
Elasticity 
E  2LT
m
 1 
Strength S  
2LT
m
 1 
Time(dynamic) dynT  T  
N
1
 
Frequency F  
T
1
 N  
 
 
Therefore, in centrifuge we reduced-scale model using the same soil at the same mass 
density and reduce the length by a factor of N with increasing gravity by the same factor N, 
at the same time we ensure that the stress in the model is the same as it would be in the 
prototype. Table 4.1 summarizes common scale factors for Centrifuge Model Tests.  
4.5 Development of Conceptual Model for Centrifuge Test  
It is always not possible to bring the soil samples from field and reproduced the same 
conditions in the laboratory. Because of huge resources required and complications on 
collection, for study, it is a common practice to use the commercially available sand. In 
this study, 6 meter (in prototype scale) deep shallow foundation was produced in 1:50 scale 
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with planning to test the model in 50g centrifuge acceleration using Toyoura sand for 
model preparation. The soil profile for centrifuge modeling is as shown in Fig. 4.2, in 
which ground water table was assumed 2m below from the ground surface. 
 
Fig. 4.2 Schematic soil profile for centrifuge modeling  
4.6 Centrifuge Test 
Four centrifuge models were prepared at 1:50 scale and tested in a centrifuge by imparting 
a seismic event at 50 g. Models of two shallow foundations were used, with base contact 
pressures of either 10 kPa or 35 kPa, hereafter designated as the light load foundation (M1) 
and the heavy load foundation (M2), respectively. Two models for each type of foundation 
were prepared: saturated model (benchmark model, Models M1-1 and M2-1) and 
desaturated model by air injection (Models M1-2 and M2-2). Table 2 and Fig. 4.3 provide 
the model configurations in detail.  
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Table 4.2 Model test cases and conditions  
 
Model 
Model 
series 
Degree of 
saturation 
Sr (%) 
Base contact 
pressure 
(kPa) 
Relative 
density Dr 
(%) 
Input acceleration 
Depth of water 
table (m) 
Light Load 
Foundation 
(M1) 
      
Model M1-1 
Saturated 
model 
99.7 
10 
49-52 
40Hz shaking at 
50g with 
acceleration. 
amplitude 1.9 m2/s 
2 
Model M1-2 
Desaturated 
model 
Initial 
99.84 
After air 
injection 87 
Heavy Load 
Foundation 
(M2) 
   
Model M2-1 
Saturated 
model 
99.7 
35 
Model M2-2 
Desaturated 
model 
Initial 99.8 
After air 
injection 85 
       
 
4.6.1 Model Preparation 
A rigid container with a transparent acrylic panel on the front surface and internal 
dimensions of 430 mm length, 120 mm width, and 230 mm depth was utilized to build the 
models in this study. The soil used for the foundation soil layer was Toyoura sand, of 
which index properties are listed in Table 4.3. In this type of model container, the rigid 
walls may cause stress and strain dissimilarities and generate horizontally propagated P 
waves (compression waves) during base-shaking; this behavior is unlike a real field 
scenario in prototype. Similarly, friction is generated between the container end walls and 
soil layer, which ensures the development of shear stresses in the vertical plane at the 
interface between the container and soil. This may affect the liquefaction interactions of 
soil near the boundary line with soil liquefied near the surface; at a certain depth, 
liquefaction resistance increases and soil is not liquefied. Although there are some 
boundary effects on liquefaction behavior in the experimental results, the initial conditions 
for the models are the same, except for the degree of saturation, which permitting a 
comparative evaluation of the effects of desaturation. 
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Table 4.3 Index properties of soil          
 
Property Toyoura sand 
Specific gravity, Gs 2.64 
Maximum void ratio, emax 0.977 
Minimum void ratio, emin 0.605 
D50 0.19mm 
D10 0.14mm 
Uniformity Coefficient, Uc 1.7 
 
 Table 4.4 Air injection pressure detail   
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Fig. 4.3 Centrifuge model configurations; (a) M1-1 (b) M1-2 (c) M2-1 and (d) M2-2. 
A 2-cm-deep dense sand layer was prepared at a relative density of Dr = 90% on the base 
of the container by using a tamping method. In the field, it is common practice to place the 
air injector slightly deeper than the targeted layer to ensure the desaturation of all soil 
layers from the bottom. Thus, to ensure that the experimental model simulates actual 
conditions in the field, a 2-cm-deep dense layer was prepared, on which the air injector 
Model 
Injection 
pressure 
(kPa) 
Duration 
(Minute) 
Residual pore 
pressure at C3 
(kPa) 
M1-2 56 8.2 1.75 
M2-2 54.75 3.5 1.5 
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was placed. For Models M1-2 and M2-2, a two-dimensional air injector with 1-mm-wide 
orifices at both sides was placed on the dense sand layer. The dry sand was then poured 
into the container to form a 12-cm-deep uniform sand deposit at Dr =50%. During 
preparation, accelerometers and pore pressure cells were installed at the locations indicated 
in Fig. 4.3. Bands of thin, colored sand were installed at constant intervals of 2 cm 
horizontally and 6 cm vertically. The surfaces of the sand layer were carefully leveled by 
using a vacuum. 
Vacuum Pump
Metolose  solution storage tank
Pressure gauge LED displacement 
transducer
float
Sponge
 
Fig. 4.4 Schematic of degree of saturation (Sr) measurement. 
4.6.2 Model Saturation and Measurement of Degree of Saturation  
Degree of saturation is a critical parameter in liquefaction studies. Small variations in the 
degree of saturation will have significant effects on the liquefaction resistance of soil. 
Because natural soil deposits below the groundwater table are fully saturated, it is 
necessary to fully saturate the models. In this study, the technique suggested by Okamura 
and Inoue (2012) was used to saturate the models. The prepared model was transferred into 
a pressure chamber to start the saturation process. First, approximately −96 kPa vacuum 
pressure was applied to the chamber; next, the chamber was flooded with carbon dioxide 
(CO2) gas to replace the air in the model with CO2. This procedure was repeated twice to 
almost completely remove air. This CO2 replacement technique is generally used to 
enhance the degree of saturation of soil because of the greater solubility of CO2 to water. 
The chamber was vacuumed again at −96 kPa, after which deaired viscous fluid was poured 
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into the model until the entire model was fully submerged. The viscous fluid was a mixture 
of water and a hydroxypropyl methylcellulose called metolose. This metolose solution pore 
fluid was prepared by dissolving 2% metolose by weight in water to achieve a viscosity 
approximately 50 times that of water. In centrifuge modeling, it is normal practice to 
change the viscosity of the pore fluid by the same value as the level of gravity, to avoid the 
conflict in the time scaling law (Tan and Scott, 1985). The viscous fluid pouring rate was 
sufficiently slow—typically, one drop in every 2 s from a 1/4-in thin-flex tube—that the 
fluid did not disturb the soil grain. 
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Fig. 4.5 Relation between change in water table and pressure in the chamber. 
On completion of the saturation process, degree of saturation (Sr) of the model was 
measured by using the method developed by Okamura and Inoue (2012). Because the 
metolose solution and soil grains are incompressive, a change in the gas volume in the 
ground of the submerged model due to a change in the air pressure in the chamber is 
equivalent to a change in the water level. The test setup for measuring the degree of 
saturation is schematically illustrated in Fig.4.4. A light-emitting diode (LED) displacement 
transducer with a resolution of 10 µm was used in this study for precise measurement of the 
water table. In this process, small changes in the pressure were applied to the chamber at a 
constant rate of 2 kPa/min, from 0 (atmospheric pressure) to −6 kPa. This is considered to 
be sufficiently slow to create small air bubbles in the sand void, but not to cause excess 
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pore pressures and temperature changes. Fig.4.5. indicates the relationships between the 
change in the water table, h , and the change in pressure ratio (p1/p2 − 1), where p1 is the 
absolute pressure in the chamber and p2 is the atmospheric pressure (101 kPa). An 
approximately linear relation was obtained; the slope of the relationship corresponds to the 
volume of air entrapped in the model. The estimated degree of saturation of the models in 
this study was in a small range between 99.70% and 99.84%.  
4.6.3 Model Setup and Test Conditions in Centrifuge 
A mild steel plate, 60 mm wide and either 2 mm or 9 mm thick, representing the 
two-dimensional shallow foundation of a residential house, was set on a surface with two 
potentiometers for measuring vertical settlement. The base contact pressures of the light 
and heavy load foundations at 50 g were 10 kPa and 35 kPa, respectively. This model was 
placed on the geotechnical centrifuge at Ehime University 
(http://www.cee.ehime-u.ac.jp/~gm/indexE.html) and centrifuge acceleration was 
gradually increased. After centrifuge acceleration reached the target level of 50 g, the 
acceleration was kept constant to allow ample time for excess pore fluid to drain through 
the standing pipes until the height of the water table reached 40 mm below the ground 
surface.  
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Fig. 4.6 Time histories of air pressure and flow rate (Model1-2) 
4.6.3.1 Air Injection  
For Models M1-2 and M2-2, air was injected at 50 g from the injector set in the dense sand 
layer to simulate in situ air injection and to desaturate soil just below the structures. The 
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water retention characteristic of Toyoura sand at Dr = 50% was tested by using the 
pressure plate apparatus and the air entry value (AEV) was found to be 2.5 kPa. The air 
injection pressure was increased slowly. Special attention was given to the air injection 
pressure so that soil grains were not disturbed by the air flow. The threshold injection 
pressure above which soil can be disturbed was found to be approximately (Pinj)max = Phyd 
+ 0.5v’ (Ogata and Okamura 2006), where Phyd and v` denote the hydrostatic pressure 
and vertical effective stress at the depth of the air injector, respectively. Fig. 4.6 indicates 
time histories of the air pressure supplied to the injector, airflow rate, and change in pore 
pressure measured at location C3 in Model M1-2. Air started to flow and the water level 
rose accordingly at t = 1250 s. This timing coincided with the time the air pressure reached 
(Pinj)min = Phyd + AEV, as shown in Fig. 4.6, where Phyd denotes the hydrostatic pressure at 
the depth of the injector. The air injection was continued for approximately 8 min and 
halted at t = 1740 s. The pore pressure decreased and reached residual pressure 1.75 kPa 
higher than that before the air injection. Most of the air that existed in the foundation soil 
during injection floated up and escaped to the atmosphere; only a small amount of air 
remained in the pores of the soil. The increase in residual water level is equivalent to a 
volume of air in the soil. The onboard video cameras during air injection observed that the 
color of the sand changed in the desaturated zone. This area, shown in Figs. 4.3 (b) and (d) 
for both desaturated models (M1-2 and M2-2) was consistent with that obtained by 
detailed visual observation after the centrifuge was finally stopped after shaking tests. 
Many researchers have already conducted this study and found a relation between the color 
change in the soil and the degree of saturation (Yoshimoto et al., 2011). In this study, the 
net injected air pressure was very low (4.25 kPa in M1-2 and 3 kPa in M2-2), compared 
with the effective stress at the injection point (68.97 kPa), which ensures no disturbance to 
the soil structure during air injection. In fact, vertical displacement of foundations during 
air injection was very small (less than 0.05 mm). The residual degrees of saturation in the 
desaturated areas after the air injection stopped were approximately 87% for Model M1-2 
and 85% for M2-2. As compared in Table 4.4, the maximum injection pressure was 
slightly higher for Model M1-2 than M2-2, resulting in a lower degree of saturation and 
wider desaturated zone for M1-2 than M2-2. 
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Fig. 4.7 Acceleration time histories at C1 
4.6.3.2 Shaking Test 
On completion of the drainage of excess pore fluid, one-dimensional lateral shaking was 
imparted along the long axis of the model by using a mechanical shaker while the 
centrifuge was spun at 50 g acceleration. A simulated sinusoidal wave with dominant 
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frequency of 40 Hz and acceleration amplitude of 95 m/s2 (1.9 m/s2 in prototype) was 
imparted in all models. 
4.6.4 Results and Discussions 
Hereafter, all test results are presented and discussed in prototype scale unless otherwise 
mentioned. The centrifuge model test results are discussed below in terms of acceleration, 
excess pore pressure, and settlement responses. 
4.6.4.1 Acceleration  
The observed acceleration time histories at location C1 in Models M1-1and M1-2, the light 
load foundation models, are depicted in Figs. 4.7 (a) and (b), together with the recorded 
input acceleration. For Model M1-1, the benchmark model without air injection, 
acceleration at C1 followed the input motion for the first few cycles, and significant 
amplification and delay in phase were observed in the subsequent cycles. For Model M1-2, 
acceleration at C1 followed the input motion until t = 23 s and subsequently began to show 
a slight delay in phase. A similar trend was found in the accelerations shown in Figs. 4.7 
(c) and (d) for the heavy load foundation models. The acceleration behavior of the two 
benchmark models, M1-1 and M2-1, suggests a significant loss of soil stiffness, probably 
due to liquefaction.  The similar behavior on liquefied soil have been already reported by 
many researchers (Arulanandan et al., 1993, Dobry et al. 1995 and Uzuoka et al, 2006). 
4.6.4.2 Excess Pore Pressure  
The excess pore pressure time histories at locations C1 and C3 in the light load foundation 
models, M1-1 and M1-2, are shown in Figs. 4.8 (a) and (b). Here, effective stress without 
structure ( 𝜎𝑣
′
without structure) simply means that the effective stress is calculated by 
considering only the soil above locations C1 and C3, whereas the effective stress with 
structure (𝜎𝑣
′
with structure) means effective stress calculated by considering the soil and 
structure above these locations. The excess pore pressure (EPP) of the saturated 
benchmark model, M1-1, reached its initial effective stress in a few cycles, indicating that 
the soil liquefied. However, for the desaturated model, M1-2, EPP was considerably lower 
at C1, where the soil was effectively desaturated by the air injection. At C3, which was 
outside the desaturated zone, EPP eventually reached its initial effective stress but 
increased at a slower rate. One possible reason for this slow rate is the migration of pore 
fluid from the free field toward the adjacent desaturated zone. Aibara and Okamura (2011) 
observed that the desaturated zone absorbed excess pore pressures in the surrounding 
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saturated zone during shaking.  
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Fig. 4.8 Excess pore pressure time histories (EPP) 
Similar responses were observed in the heavy load foundation models, M2-1 and M2-2, as 
indicated in Figs. 4.8 (c) and (d). In opposition to the light load foundation models, EPP at 
C3 in Model M2-2 increased at almost the same rate as that in the saturated model (M2-1). 
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The applied maximum air pressure and injection duration were lower in M2-2, as indicated 
in Table 4.4, and the extent of the desaturated zone was smaller in M2-2 than M1-2, as 
depicted in Figs. 4.3 (b) and (d). The difference in the extent of the desaturated zones may 
be responsible for the different EPP responses between M1-2 and M2-2. 
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Fig. 4.9 Excess pore pressure distribution 
Variations in the maximum EPP on the centerline (B1, C1, and D1) are shown in Fig. 4.9. 
The maximum EPPs of the saturated models (M1-1 and M2-1) were as high as the initial 
overburden pressures and significantly lower for models with air injection (M1-2 and 
M2-2). Fig. 4.10 shows the variations in EPP ratio on a horizontal line: C1, C2, and C3. In 
M1-1 and M2-1, EPP ratios were near unity at C1 and C2, and slightly higher than unity 
(>1) at C3. However, in M1-2 and M2-2, EPP ratios were quite low, approximately 0.2, on 
centerline C1 in the desaturated zone and increased toward C3 in the saturated zone. 
Because C2 is located on the boundary between the desaturated and saturated zones, EPP 
ratios at C2 were between those at C1 and C3. The model container used in this study is 
rigid; because of these rigid boundary conditions, there was a sloshing effect on the 
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developed excess pore pressure, which increased the maximum excess pore pressure ratio 
to greater than unity in free field at C3. These findings show that the degree of saturation 
plays a dominant role in the generation of excess pore pressure during shaking. 
4.6.4.3 Settlement and Deformation 
Settlement time histories of the foundations are presented in Fig. 4.11 for all four tests. 
Settlements at the center of the light load foundation model were 14.5 cm for the 
benchmark model (M1-1) and 5.5 cm for the desaturated model (M1-2). Regarding heavy 
load foundation models, measured settlements were 24.5 cm for the benchmark model  
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Fig. 4.10 Excess pore pressure variation with location. 
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Fig. 4.11 Vertical settlements. 
(M2-1) and 13 cm for the desaturated model (M2-2). The settlements of the foundations 
were reduced by approximately 70% and 50% for the light and heavy load foundation 
models, respectively. Settlements of the structures are plotted against the base contact 
pressures of the foundations in Fig. 4.12. The settlements increased with increased base 
contact pressures for both models under saturated and desaturated conditions. Fig. 4.13 
compares the deformation of all four models after shaking. The desaturated zones in Model 
M1-2 and M2-2, in which changes in the color of sand were clearly detected by visual 
observation, are indicated with dotted lines. The difference in distortion in the saturated 
and desaturated models for both light and heavy foundations is clearly shown in the zone 
below the foundations.  
(a) Case1 
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Fig. 4.12 Vertical settlements with contact pressure 
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Fig. 4.13 Deformed shape of the models after the centrifuge test  
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4.6.5 Factor of Safety against Liquefaction 
Factor of safety against liquefaction (FL = R/L) of the models was estimated as follows. 
Yasuda et al. (2003) conducted undrained cyclic torsional shear tests on fully saturated 
Toyoura sand and determined the cyclic stress ratio of 0.175 to cause double amplitude of 
axial strain (DA = 7.5%) over 20 cycles at relative density of 50%. Accounting for the 
anisotropic stress condition, the liquefaction resistance ratio of 0.117 (= 0.175(1 + 2K0)/3) 
was used in this study, in which K0 denotes the earth pressure coefficient at rest. The 
effects of desaturation on the liquefaction resistance were taken into account by using the 
empirical relation between the LRR and the potential volumetric strain, v , which was 
discussed in a previous section. Variations in v are shown in Fig. 4.14. It was found that 

v  increases with depth: 

v was higher for the heavy load foundation than the light load 
foundation. The value of R in the desaturated zone was obtained by multiplying LRR with 
the LRR under saturated condition. 
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Fig. 4.14 Potential volumetric strain v*with depth   
On the other hand, the cyclic stress ratio was estimated as  z
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where Amax denotes the maximum acceleration amplitude at ground surface and z is the 
depth from the ground surface. To calculate the Amax at ground surface we used the 
equation suggested by JRA (Japan Road Association) specification in this study, Amax (z) = 
Amax (surface)*(1-0.03z), where z is the depth from the ground surface. The weight and 
inertial force of the foundations are also considered in the calculation of cyclic stress ratio. 
Fig. 4.15 shows variations of FL on the foundation centerline. FL for the benchmark 
models was nearly 0.5 or less, and near the unity in the desaturated zones of both heavy 
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and light load foundation models. This is consistent with the variation in EPP on the 
centerline indicated in Fig. 4.9, such that the generated excess pore pressure is 
significantly lower in the desaturated than saturated areas.  
4.6.6 Effects of Stress Level on the Behavior of Desaturated Foundation Soil 
Equation (1) and Fig. 4.2 apparently indicate that not only the degree of saturation but 
initial effective stress affect the liquefaction resistance of unsaturated soil. Fig.4.16 (b) 
shows the relation between EPP ratios and base contact pressures of foundations for the 
desaturated models, M1-2 and M2-2. EPP ratios decrease with an increase in the base 
contact pressure in the desaturated zone, with lower EPP ratios for deeper locations (B1 > 
C1 > D1). This suggests that the effective stress also has an important role in controlling 
the generation of excess pore pressure. On the other hand, the effective stress does not 
have such a significant effect on liquefaction resistance for saturated soil. This is indicated 
by EPP ratios in saturated zone C3. Although M1-1 and M2-1 represent saturated models 
without air injection, their EPP ratios decrease with the base contact pressure, as indicated 
in Fig. 4.16 (a). This is possibly caused by initial shear stress attributable to the foundation. 
Similar observations have been reported previously (Dashti et al., 2010; Hausler et al., 
2002; Okamura and Matsuo, 2002). 
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Fig. 4.15 Factor of safety (FL) with depth 
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Fig. 4.16 Excess pore pressure ratio with base contact pressure. 
 
4.7 Conclusions 
Four centrifuge model tests were performed to evaluate the technique of desaturation by 
air injection as a countermeasure for the liquefiable foundation soil of existing structures. 
Among four centrifuge models, two were saturated soil models (M1-1 and M2-1) with the 
base contact pressure of the foundations at either10 kPa or 35 kPa. The other two were 
desaturated soil models (M1-2 and M2-2) by air injection with the same base contact 
pressures. Base shaking was imparted to all four models in the centrifuge at 50 g. The 
obtained test results were analyzed and compared, which led to the conclusions discussed 
in the following. 
1. The observed excess pore pressures in benchmark models of both light and heavy load 
foundations reached initial effective stress in most locations, indicating that the soil 
liquefied. However, for the desaturated models, observed excess pore pressures were 
50% and 70% lower than the saturated cases in light and heavy load foundation models, 
respectively. This shows that soil resistance to liquefaction was significantly increased 
and did not liquefy in the desaturated zone, where the degree of saturation was 
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decreased by air injection. 
2. The FL against liquefaction, calculated by using the empirical relations, also supports 
the centrifuge test results: the calculated FL values were greater than unity in the 
desaturated zones of both light and heavy load foundation models.  
3. The vertical settlements reduced more significantly under desaturated than saturated 
conditions for both light and heavy load foundation models. The vertical settlements in 
the structural center were reduced by approximately 70% and 50% in the light and 
heavy load foundation models, respectively. This shows that the countermeasure 
technique can control liquefaction and reduce settlement. 
Finally, the findings of this study demonstrated the effectiveness of the air injection 
technique to strengthen the liquefiable soil below light structures. Thus far, the test results 
have indicated that desaturation by the air injection technique is a useful solution for 
increasing the liquefaction resistance of soil at shallow foundations upon which 
lightweight structures rest. 
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Chapter 5 
NUMERICAL SIMULATION OF CENTRIFUGE 
MODEL TESTS 
5.1  Introduction 
This chapter present a study on the numerical modeling carried out to the centrifuge model 
described in chapter4. The purpose of this study is to verify the ability of a numerical 
method to predict the desaturation effects on liquefiable foundation soil underneath the 
light structures. The method is dynamic response FE analysis that incorporates a cyclic 
elasto-plastic constitutive model and Biot’s two phase mixture theory for sand. This 
method was applied to all (saturated and desaturated) dynamic centrifuge model tests 
described in chapter4. To evaluate the numerical model, comparisons between measured 
and computed model responses were made in detail. 
Shallow foundations of residential buildings on liquefiable soil layers have often been 
damaged during large earthquakes. In recent earthquakes, such as the 2011 Darfield 
earthquake in New Zealand and the 2011 off the Pacific coast of Tohoku Earthquake, 
massive destruction of residential buildings occurred, which urgently necessitates reliable 
and cost-effective countermeasure techniques to remediate liquefiable foundation soils of 
existing residential houses (The Japanese Geotechnical Society (the JGS), 2011; Yasuda et 
al., 2012; Orense, 2011; Cubrinovski et al., 2012; Nakai et al., 2012). To reduce such 
damage to existing residential houses, a limited number of remediation methods are 
available in practice. These methods are primarily based on densification, solidification, 
and replacement techniques and are excessively expensive. 
Because the degree of saturation has a significant effect on the liquefaction resistance of 
soils, methods of soil desaturation have been studied as remedial measures for liquefaction, 
which include water electrolysis (Yegian et al., 2006, 2007) and gas production in soil by 
microorganism activity (He, 2013). In recent years, an innovative liquefaction 
countermeasure technique desaturation by air injection has been developed (Okamura et al., 
2011, 2012) and has attracted significant interest from engineers because of its extreme 
affordability and environmental friendliness. It has been reported that injection of air into 
the ground can substantially lower the degree of saturation of the subsoil (Tokimatsu et al., 
1990; Okamura et al., 2003) and this unsaturated condition of the desaturated soils lasts for 
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an extensive time period, typically decades or more (Okamura et al., 2006). Okamura et al. 
(2011) conducted an in situ air injection test and confirmed that soil in the zone of 
influence, which is approximately 3.5 m from the injection port, was effectively 
desaturated. Tomida (2014) conducted a similar test under a road embankment with 
relatively high air injection pressure and found that the radius of the desaturated zone from 
the single injector, which increased with increasing air pressure and injection time, 
extended 9 m in 18 h. Because the material for this technique is free, drilling and 
installation of injection pipes amounts to the majority of execution costs. A dramatic 
reduction in estimated execution costs has been achieved by increasing the radius of the 
desaturated zone. 
The effect of degree of saturation on the liquefaction resistance of soils has been studied 
since the 1960s through undrained cyclic shear tests. The existence of air in pores of soils 
reduces the bulk modulus of pore fluid (that is, the air–water mixture), which results in 
increased liquefaction resistance. Changes in the volume of pore fluid during cyclic 
shearing was found to be the factor dominating this mechanism of enhancing soil 
resistance to liquefaction (Okamura and Soga, 2006; Unno et al., 2008).  
Regarding numerical simulation, limited research has been conducted on this topic. Mitsuji 
(2008) tried to simulate seismic behavior of unsaturated sand deposits with a 
one-dimensional effective stress analysis, in which incomplete saturation of the sand was 
modelled by reducing the bulk modulus of pore fluid. He found that velocity, displacement, 
and shearing strain of the ground decreased with decreasing the bulk modulus. Gao et al. 
(2013) developed a computational model based on the Biot’s two phase mixture theory and 
conducted numerical simulations on the behaviors of unsaturated soils under cyclic 
loadings. They also studied effects of the bulk modulus of the pore fluid on the pore 
pressure evolution at different initial degree of saturation. Similarly, Yashima et al. (1995) 
conducted three dimensional liquefaction analysis based on the Biot’s theory to observe 
effects of pore fluid compressibility due to the imperfect saturation of reclaimed soil layers. 
They found that the strong motion array records of the Port Island observed during the 
1995 Hyogoken-Nambu Earthquake were simulated reasonably well. All these numerical 
analysis mentioned above have dealt with the pore pressure and the acceleration responses 
of level ground.  
Recently, highly instrumented centrifuge tests were conducted to assess the performance of 
the desaturation technique as a liquefaction countermeasure for soils immediately beneath 
existing structures mentioned in chapter4. The recorded model responses provide a unique 
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opportunity to verify performance of the numerical procedures. In this chapter an attempt 
was made to verify the numerical procedure to simulate deformation of locally desaturated 
soil with structures. This paper presents the results of a computational study based on a 
comprehensive experimental set of data. The four centrifuge models tested using the 
geotechnical centrifuge at Ehime University were simulated by using Coupled Analysis of 
Liquefaction (LIQCA-2D) (Oka et al., 1994, 1999), a finite-element method (FEM)-based 
effective stress analysis. 
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Fig. 5.1 Variation of pore fluid bulk modulus with degree of saturation. 
5.2 Pore fluid bulk modulus and its pressure-level dependency  
The existence of air in the pore of a soil is considered to enhance the liquefaction 
resistance of the soil in two ways. The first mechanism is that air in pores absorbs the 
generated excess pore pressure by reducing its volume. The bulk modulus of the pore fluid 
degrades significantly by the presence of air bubbles. The contraction of pore fluid (that is, 
air–water mixtures) dominates this mechanism. The second is the matric suction of 
unsaturated soils, which increases the effective stresses and thus the strength of soil mass 
(Bishop and Blight, 1963). For most liquefiable soils, however, matric suction is less 
significant than the effective stress of soils at the depth of practical concern (Okamura and 
Soga, 2006). For unsaturated soils with a degree of saturation higher than 80%, air bubbles 
exist in the occluded form within the pore fluid; the diameters of these bubbles are 
generally on the same order of grain size (Fredlund and Rahardjo, 1993). Under this 
condition for the particular sand used in these tests, pore air and pore water pressures are 
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considered to be equal and the effect of matric suction is neglected in this analysis 
(Okamura and Noguchi, 2009).  
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Fig. 5.2 Variation of potential bulk modulus and volumetric strain with confining pressure. 
For a small change in pore pressure, p , the volumetric strains of air and pore water are 
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Equation (1) can be rewritten by using Boyle’s law as follows: 
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where Sr is the degree of saturation of the soil mass; P0 is the absolute hydrostatic 
pressure; and Ka, Kw, and Kf are the bulk moduli of air, water, and fluid, respectively. The 
volumetric strain and bulk modulus of the fluid attain their highest values when  attains 
its maximum possible value during an earthquake, which is equal to the initial effective 
vertical stress 
0v  . The maximum bulk modulus of the fluid, designated hereafter as the 
potential bulk modulus, is 
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Air dissolution into water is not taken into account.  
Fig. 5.1 shows the variations in the potential bulk modulus of pore fluid at a depth of 2 m 
below the groundwater table (corresponding to location C1 in the model) with degrees of 
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saturation in Models M1-2 and M2-2. The potential bulk modulus decreases dramatically 
with a small reduction from 100% in the degree of saturation. Similarly, Fig. 5.2 (a) and 
(b) depicts the maximum (possible) bulk modulus and volumetric strain on the center line 
of desaturated centrifuge models M1-2 and M2-2. This figure indicates significant 
dependency of the stress level on the potential bulk modulus and potential volumetric 
strain, whereas for the fully saturated models (M1-1 and M2-1), the bulk modulus of pore 
fluid remains the same as that of water, 2 × 106 kPa, irrespective of the stress level.   
5.3 Numerical method 
Oka et al. (1999) proposed a cyclic elastoplastic model based on the nonlinear kinematic 
hardening rule to conduct a study on the liquefaction behavior of saturated sandy soils 
during dynamic loading. In the present study, the effective-stress-based numerical code 
LIQCA-2D, developed by Oka et al. (1994, 1999), is used to simulate the centrifuge 
models. 
In this numerical method, the governing equations for the coupling problems between the 
soil skeleton and pore water were obtained with Biot’s two-phase mixture theory (Biot, 
1962). For the dynamic analysis, the displacement–pore water pressure (u–p) formulation 
method was used. Similarly, to discretize Biot’s governing equations for a two-phase 
mixture, the FEM is adopted with the virtual work theorem. In this method, however, the 
FEM was used for the spatial discretization of the equilibrium equation, whereas the 
finite-difference method (FDM) was used for spatial discretization of the pore water 
pressure in the continuity equation (Akai and Tamura, 1978). Stresses and strains were 
defined at the center of an element by using the reduced numerical integration method, 
which can avoid shear locking under undrained conditions. Although the details of this 
method are provided in Oka et al. (1994), the basic assumptions to formulate the governing 
equations are as follows: 
Infinitesimal strain is used; 
Relative acceleration of the fluid phase to that of the solid phase is negligible; and 
Grain particles in the soil are incompressible. 
The derived equilibrium equation for the mixture is as follows: 
)6(, ijiji bu  
 
where   is the overall density, üi is the acceleration of the solid, jij, is the total tensor, 
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and bi is the body force. 
The continuity equation is as follows: 
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 where 
f  is the density of pore fluid ?̈?𝒊,𝒊
𝒔 is the spatial derivative of the acceleration of 
the solid, p is the pore water pressure, w is the unit weight of the fluid, k is the coefficient 
of permeability, ?̇?𝒊𝒊
𝒔  is the volumetric strain rate of the solid, n is porosity, fK is the bulk 
modulus of the fluid and (∙) denotes the time differentiation. 
In this numerical model, compressibility of the sand is expected to be modelled properly 
by reducing the bulk modulus of pore. But the variation in the permeability of sand with 
degree of saturation (Sr) is not properly considered in the simulation. The sand in the 
desaturated zone with Sr 85% has significantly lower permeability than that in the 
saturated zone. This limitation of the simulation may overestimate the power water 
migration and pore pressure reduction in the neighborhood. Similarly, the effects of suction 
of sand in the desaturated zone on liquefaction resistance is also not considered in the 
simulation model. But the suction in the unsaturated soil with air bubbles in occluded form 
is low. Suction of the sand at degree of saturation of 85% (estimated Sr in the centrifuge 
models) on the imbibition path of the SWRCC (Soil water retention characteristic curve) is 
less than 1 kPa , and an increase in the liquefaction resistance due to this small suction can 
be negligible (Okamura and Noguchi, 2009).  Similarly, dissolution of air in the pore due 
to pore pressure generation is occurred during the earthquake shaking, the effects of this 
air dissolution is also not considered in the simulation.   
An outline of the liquefaction analysis with LIQCA is described here. Fig.5.3 shows the 
flow chart of the ordinary liquefaction analysis. 
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Liquefaction analysis
Ground conditions Structural conditions Seismic conditions
Setting the parameters
Making the FE model
Setting the boundary conditions 
Setting initial conditions
 
Fig. 5.3 Flow chart of the liquefaction analysis 
5.3.1 Understanding the analytical conditions  
The ground conditions, the structural conditions, and the seismic condition should be 
carefully understood prior to conducting the analysis. It is sometimes necessary to simplify 
both the ground and the structural conditions approximately for an efficient analysis. In 
addition, the seismic motion sometimes needs to be converted to an appropriate input 
motion. 
5.3.2 Setting the parameters for the materials and the numerical conditions 
The material parameters of the ground are set along with the structural and the numerical 
parameters. An appropriate constitutive model for the ground should be selected according 
to the type of soil layer. The computer program entitled “testsim04” is used to determine 
the parameters of the constitutive model. 
5.3.3 Creating the finite element model  
The finite element model is drawn up on the basis of the ground and the structural 
configurations, and the boundary conditions are set. Regarding the initial conditions, the 
initial stress state is set based on the model parameters. The computer program “ini2d04” 
is used to calculate the initial stress state simply. 
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5.3.4 Execution of the liquefaction analysis 
Input data are prepared based on the model parameters, the FE model, and the input 
seismic motions. The liquefaction analysis is then conducted. The computer program 
“liq2d04” is used for the liquefaction analysis. The computer program “2dpst” is used to 
make intermediate files for the post processor. 
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Fig. 5.4 Comparison between simulated and laboratory test liquefaction strength curve. 
5.4 Determination of input parameters  
The determined input parameters are summarized in Table 5.1 for both loose (Dr = 50%) 
and dense (Dr = 90%) Toyoura sand used in the centrifuge models. Parameters including 
 , 0e , k ,  ,  , fM , and mM  were taken from the test results conducted by 
Fukushima and Tatsuoka (1984). The quasi-overconsolidation ratio (OCR*) was 
established at 1.0 based on the experimental conditions. The initial shear modulus ratio, 
G0/m, was established according to Oka (2004). Thereafter, the remaining input 
parameters were determined by the data adjustment method to reproduce the results of the 
undrained cyclic triaxial test (Toki et al., 1986; Yamamoto et al., 2009) in terms of the 
liquefaction strength curve, shear stress-strain relation, and effective stress path.  
Fig.5.4 shows the test results (Toki et al., 1986; Yamamoto et al., 2009) and simulated 
results of the liquefaction strength curve for Toyoura sand at relative density Dr = 50% and 
90%. The simulated results correspond well with the test results.  
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Fig. 5.5 Fine element mesh of model. 
5.5 Numerical model for analysis 
5.5.1 FEM model 
Fig. 5.5 shows the finite-element mesh used in this study. The soils were modeled with 
four-node isoparametric solid elements with 0.5 m × 0.5 m meshing. The metal plate at the 
top of the foundation was modeled in three equal horizontal layers. For all soil layers, the 
cyclic elastoplastic model was used for analysis. The elements above the water table were 
treated as dry elements without degrees of freedom of the pore fluid pressure. The metal 
plate was modeled by linear elastic elements. Soil in the desaturated zone was modeled by 
using the same parameters as those of the saturated loose sand, with the exception of the 
bulk modulus. The bulk modulus for the desaturated zone was determined using equation 
(5). The determined bulk moduli for the desaturated zones of both lighter and heavier 
foundation models are summarized in Table 5.2. No slip was assumed in the horizontal 
directions between the structures and the soil. 
 
 
132 
 
Table 5.1 Input parameters 
 
Parameters  Dr =50% Dr = 90% 
Density ρ ( t/m3) 1.87 1.96 
Initial void ratio e0 0.791 0.642 
Coefficient of permeability k (m/s) 2.0E-5 1.5E-5 
Compression index λ 0.0025 0.0091 
Swelling index κ 0.00030 0.00052 
Initial shear modulus ratio G0/σ’m 1150 2023 
Failure stress ratio Mf 0.99 0.99 
Phase transformation stress ratio Mm 0.707 0.707 
Hardening parameter B0 3750 6000 
Control parameter of anisotropy Cd 2000 2000 
Reference strain parameter  p 0.003 0.03 
Reference strain parameter e 0.005 .36 
Dilatancy parameter D0 1.0 1.0 
Dilatancy parameter n 4 10 
Bulk modulus Kf 2.0E+5 2.0E+5 
 
Table 5.2 Pore fluid potential bulk modulus ( f ) for desaturated zone. 
 
Depth (m) Kf (kPa), M1-2 Kf (kPa), M2-2 
0-2 1.56E+2 1.88E+2 
2-3 9.89E+2 1.14E+3 
3-4 1.10E+3 1.22E+3 
4-5 1.22E+3 1.32E+3 
5-6 1.34E+3 1.42E+3 
 
5.5.2 Boundary conditions  
Because a rigid container was used for the centrifuge model test, the bottom of the model 
was fixed and the lateral boundaries were fixed in the normal direction to the container 
wall. Regarding the drainage boundary condition, the lateral and bottom boundaries were 
impermeable, whereas the water table boundary on top was considered to be permeable. 
Recorded base acceleration in the centrifuge test (Fig. 5.6) was input at the rigid bottom 
boundary.  
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Fig. 5.6 Input acceleration 
5.5.3 Numerical conditions 
Time integration steps of 0.01 s were adopted to ensure numerical stability. Basic 
hysteresis damping by the constitutive model was used, and Rayleigh damping depending 
0 1 = 0.001, which corresponded to a damping 
ratio of less than 0.01 for the first predominant frequency of soil) in this simulation. The 
coefficients of the Newmark-  
respectively, to ensure numerical stability. 
5.6 Results and discussions 
The centrifuge models were numerically simulated and results were compared with 
centrifuge tests in terms of the excess pore pressure ratio (EPPR), volumetric strain (εv) 
distributions, structural settlements, and deformation of the models following the shaking. 
5.6.1 Excess pore pressure ratio  
Fig. 5.7 and 5.8 depict the time histories of the EPPRs, which are the ratios of excess pore 
pressure to the initial effective overburden pressure at each location. Observed EPPRs at 
all locations in the saturated centrifuge models (M1-1 and M2-1) increased and nearly 
reached unity in a few cycles indicating the soil liquefied. EPPRs obtained from numerical 
simulation were quite similar. For the desaturated models (M1-2 and M2-2), however, 
EPPR responses were quite different from those for the saturated models. Observed EPPRs 
in the desaturated zone (B1, B2, C1 and D1) increased at a lower rate and stayed 
significantly smaller than those in saturated models throughout the shaking events. Due to 
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the differences in pore pressures between desaturated and saturated zones, pore fluid 
flowed and the boundary between the zones moved but these effects are not considered in 
the simulation.  Some dissimilarity seen on the generation pattern of the excess pore 
pressures between centrifuge test and numerical simulation may be partly due to this 
limitation.  
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Fig. 5.7 Time histories of pore pressure ratio of light load foundation model (M1) 
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Fig. 5.8 Time histories of pore pressure ratio of heavy load foundation model (M2) 
In the saturated zone of the desaturated models, EPPRs at C2 and D2 stayed much lower in 
most time during shaking as compared with those in the saturated model. This clearly 
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shows pore pressure interactions between saturated and desaturated zones due to pore fluid 
migration during the shaking. EPPRs at C2 and D2 were located close to the desaturated 
zone, and generated excess pore pressures were absorbed by the desaturated zone. The 
EPPRs of C3 located relatively far from the desaturated zone are similar to the saturated 
models. All these features observed in the desaturated centrifuge models were relatively 
replicated by the numerical simulation. Simulated pore pressures in the desaturated zone 
(B1, B2, C1 and D1) smoothly increased without fluctuation, which was additionally 
apparent in the saturated zone. The lower bulk modulus of pore fluid used for the 
desaturated zone in the simulation is responsible for this. 
It is deduced from equations (4) and (5) that the potential volumetric strain, the maximum 
volumetric strain when the excess pore pressure reached the initial vertical pressure, 
becomes smaller for the lower initial confining pressure. This suggests that the 
desaturation may not be very effective as a liquefaction countermeasure for lighter 
structures. However, although the soils tested in this study were in a relatively low 
effective stresses level, desaturation was an effective way to mitigate excess pore pressure 
generation during earthquakes. 
The distribution of maximum excess pore pressure ratios developed in desaturated models 
is shown in Fig. 9. Despite the same degree of saturation, the maximum EPPRs in the 
desaturated zone (B1, B2, C1 and D1) were mitigated more effectively for the heavy load 
foundation model. A possible reason for this is that the potential volumetric strain, which 
has a dominant effect on the liquefaction resistance of unsaturated soils (Okamura and 
Soga, 2006), was higher for M2-2 than M2-1. Quantitative discussions on the volumetric 
strain will be given in the next section. Other possible reasons are the effects of foundation 
weight on cyclic stress ratio and the anisotropic stress condition of soils below the 
foundations. These effects on the EPPRs can be seen not only for the response of 
desaturated models but also saturated models. An increase in the foundation weight 
enhanced both the initial vertical effective stress and the cyclic shear stress during shaking 
in the soil below the foundations, and consequently resulted in a decrease in the cyclic 
stress ratio. The existence of foundation also generates the anisotropic stress condition. 
Unlike a soil with level ground surface, the soil below the foundation has vertical stress 
being always higher than horizontal stress even during shaking and is not be able to reach 
the isotropic stress condition. The EPPR with the initial vertical effective stress as a 
reference stress decreases as an increase in the foundation weight. This stress anisotropy is 
the driving force of lateral spreading deformation of the soil and is more significant for the 
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soil below heavier foundation. 
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Fig. 5.9 Excess pore pressure distribution 
5.6.2 Volumetric strain distributions 
Fig. 5.10 shows the evolution of εv at 4 m depth in the desaturated models (M1-2 and 
M2-2), obtained from numerical simulations. Volumetric strain is generally higher in the 
desaturated zone and close to zero in the saturated zone. At t = 12 s, when the EPPR in the 
saturated zone (C3) of the models had already reached approximately unity and that in the 
desaturated zone (C1) remained smaller than 0.1, the volumetric strain remained very low. 
When t = 20 s, EPPRs at C1 and C2 gradually increased to 0.2 and 0.6, respectively, and 
the volumetric strain at C1 and C2 increased accordingly whereas that in the saturated 
zone remained very low. Kazama (2006) and Unno et al. (2008) conducted undrained 
cyclic triaxial tests on unsaturated sand and found volumetric strains in direct proportion to 
excess pore water pressures. This is consistent with the numerical results obtained in the 
present study. According to Okamura and Soga (2006), a 1% volumetric strain almost 
doubles the liquefaction resistance of clean sands. Volumetric strain in the desaturated 
zone ranging between 0.6% and 1.5% may account for the significantly lower EPPR. 
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Fig. 5.10 Volumetric strain distribution with locations, v  
The difference in the volumetric strains in the desaturated zones of M1-2 and M2-2 
became apparently as the shaking proceeded. The volumetric strains at t = 35s were larger 
for the model of the heavier load foundation (M2-2). This clearly indicates that the weight 
of foundation does have the effect on the volumetric strain, and thus the liquefaction 
resistance. Fig. 5.11 shows the volumetric strain distribution at the end of shaking (t = 35 
s) for all four models obtained from numerical simulation. The saturated loose sand layers 
in Models M1-1 and M2-1 exhibited very low volumetric strains, except for the zones near 
the surface and bottom, where drainage of water occurred. On the other hand, for 
desaturated Models M1-2 and M2-2, volumetric strain in the desaturated zone was 
apparently higher than that in the saturated models, whereas the volumetric strain in the 
saturated zone was similar to that in the saturated models. The volumetric strain 
distribution patterns just below the steel plate differs from each other. This discrepancy 
may be due to the differences in the initial confining pressure imparted by the 10kPa and 
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35kPa steel plate placed at the top of the foundation. 
 
Fig. 5.11 volumetric strain distribution ( v ) 
Regarding the unsaturated surface layers, volumetric strains were generally higher than 
those in the saturated layers, and volumetric strains for the desaturated models were higher 
than those for the saturated models. As discussed in the next section, shear deformation of 
unsaturated surface layers was significantly larger for saturated models, and the soil in this 
layer showed dilation. This is believed to be responsible for the smaller contractive 
volumetric strain in the surface layers of saturated models. 
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Fig. 5.12 Foundation settlements at structure center 
5.6.3 Settlements and deformation  
Settlement time histories obtained from the centrifuge tests and simulation are presented in 
Fig. 5.12. The simulated settlement agreed fairly well with that observed in the centrifuge 
tests. The settlements curve of the numerical model (FEM), M2-1 and M2-2 differed from 
the centrifuge model. Centrifuge test was conducted in 50g centrifuge acceleration, small 
slide or tilt of structure placed on top of the foundation, can make a big difference (1mm = 
5cm at 50g) on settlement measurements. This discrepancies may be due to slightly tilt of 
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the structure during the shaking. Although foundation soils below structures in the 
desaturated model did not liquefy, settlement of several centimeters occurred. Considering 
that the sands in the 6-m-deep foundation ground volumetrically strained at 1%, this 
amount of settlement is inevitable. 
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Figure 13: Deformation shape light load foundation model (M 1) 
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Fig. 5.13 Deformation shape light load foundation model (M1) 
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Fig. 5.14 Deformation shape light load foundation model (M1) 
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Deformation of the models after shaking is demonstrated in Figs. 5.13 and 5.14. Overall 
deformation mechanisms of centrifuge models and those obtained from simulations were 
quite comparable in both the saturated and the desaturated models. In the saturated models, 
foundation soil directly below the structure was compressed vertically and spread laterally, 
and soil on the sides of the ground compressed laterally and the free ground surface heaved 
upward. However, for the desaturated models, deformation of the soil directly below the 
foundation was effectively suppressed by the desaturation. Soil in the saturated zone 
subsided owing to consolidation after shaking without lateral deformation. Ground surface 
settlement outside the foundation (saturated zone) was even larger than foundation 
settlement. This confirms that lowering the pore fluid bulk modulus of soil immediately 
below relatively light existing structures is sufficiently effective in mitigating structural 
settlement. 
5.7 Conclusions 
Highly instrumented dynamic centrifuge tests were conducted to study the performance of 
a new liquefaction countermeasure technique for the liquefiable foundation soil of 
relatively light structures. In this study, numerical simulations of the centrifuge tests were 
conducted to validate the numerical procedures and to further assure the effectiveness of 
this desaturation technique. 
The numerical simulation attempted to simulate desaturated sand with an approximately 
85% degree of saturation by reducing the bulk modulus of the pore fluid. The bulk 
modulus of the pore fluid, which is significantly lower than that of water because of air in 
the pores, was determined based on the degree of saturation and initial effective 
overburden pressures. Excess pore pressures as well as structural settlement and 
deformation mechanisms of foundation soils observed in the centrifuge tests were mostly 
accurately duplicated by the simulations. 
Volumetric contractive strain of desaturated sand increased with increasing excess pore 
pressures during shaking. The structural settlement of the desaturated models was 
commensurate with the volumetric strain of soil below the structures. 
This study confirmed that the seismic behavior of desaturated soil is successfully modeled 
by reducing the bulk modulus of pore fluid. Soil desaturation is sufficiently effective in 
mitigating the settlement of relatively light structures such as one- or two-story residential 
buildings. 
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Chapter 6 
PREDICTIONS OF SATURATION PROCESS IN 
UNSATURATED SOIL 
6.1 Introduction 
This chapter presents a study on the prediction of degree of saturation regain process of a 
soil once it was lowered by artificially injected air.  Although a soil below the ground 
water table is desaturated. It is considered that the amount of air in the soil pore will 
gradually decrease and the soil will eventually be fully saturated again. In fact, the natural 
soil deposits of which ages are several thousand years even for young alluvium deposits, 
are always fully saturated, which is confirmed by a number of observed in-situ p-wave 
velocities being higher than 1000m/s (Tsukamoto et al., 2002). The purpose of this study is 
to develop the prediction method of saturation process so that the re-injection time can be 
forecast once the soil is desaturated by air injection.   To examine the saturation process 
at different seepage flow conditions, numerical simulation were performed on the 
previously conducted laboratory experiment, and in-situ field test using multiphase flow 
simulator. Numerical results are compared with the laboratory and in-situ test results in 
terms of degree of saturation and flow rate for validation.   
The durability of desaturation by air injection technique is depends on the sustainability of 
the injected air in the soil pore. Previous study qualitatively revealed that the lowered 
degree of saturation by artificially injected air will sustained for a decades or longer. But 
still there is no proper prediction method that has been developed to foresee the evolution 
of degree of saturation with time. Okamura et al. (2003) obtained high quality undisturbed 
samples using the ground freezing method at three sites after the one month of sand 
compaction pile (SCP), reveals the characteristics of soils desaturated by air injection, and 
measured the degree of saturation. Similarly, in order to study the effect of time after 
ground improvement on the degree of saturation, they investigated another three sites in 
which foundation soils had been improved with SCP about 4 years, 8 years and 26 years 
ago, respectively (Okamura et al., 2006). It was revealed that air bubbles poured in the soil 
have survived for 26 years. The trend of variations in the degree of saturation for soils 
within one month after the ground improvement was quite similar to that after multiple 
years. During this time, earthquake shaking of approximately 1 m/s2 was observed in that 
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area, but no significant change in the degree of saturation was observed in the 
measurement, which indicates the sustainability of injected air bubbles in soil pores. There 
are two possible mechanism on the increment in degree of saturation with time; one is 
dissolution and the other is air bubbles floating up and escape to the atmosphere. The large 
air bubbles can moves with larger buoyancy and disappear from the soil during and 
immediately after the air injection.  Air in the soil moves upward with repeated coalesce 
and split. The upward movement of the injected air will possible only when it is exist in a 
continuous phase with the degree of saturation approximately below 85%. This is often 
observed during the installation time of sand compaction pile (SCP) while air bubbles 
continuously ejecting from the ground surface. The ejection of air bubbles halted after 
some hours or days of air injection when the degree of saturation reached more than 85 % 
and the injected air bubbles remained in the soil in an occluded form. Thus, larger air 
bubbles with buoyancy force sufficiently larger to flow upward have gotten out of the soil 
and smaller air bubbles in the occluded form remains in the soil. Those bubbles are stable 
and rarely move even though ground water flow exists or earthquake shake the soil. This 
can be confirmed from the centrifuge model test where desaturated area remains same after 
the air injection was halted and even after the earthquake shaking was imparted. Similarly, 
the study conducted by Okamura et al. (2006) revealed that air bubbles poured in the soil 
have survived and found in the same location even after 26 years of SCP installation. The 
desaturation by air injection technique only considered the air bubbles exists in an 
occluded form in the soil to mitigate the liquefaction hazard. The air bubbles exists in an 
occluded form in the soil pore will only dissipate through dissolution or diffusion in water 
in a long run. So, the dissolution and diffusion mechanism of air transfer in the soil pore is 
described in details here. 
The other possible reason for loss of injected air bubbles is due to the bacterial activities. 
But the bacteria can only consumes the oxygen from the air so more than 75 % nitrogen 
present in the air will not dissipate from the bacterial activities and effects of bacterial 
activities can be neglected here.    
LeBihan and Leroueil (2002) proposed equations describing the transport of gases through 
the initially unsaturated soil by dissolution and diffusion in water. The aim of these 
equations is to examine numerically the practical implications of the hypothesis put 
forward by St- Arnaud (1995) by considering compressibility of the gas phase; dissolution, 
exsolution and diffusion of gas through the earth dam core; and resulting water flow 
assuming a hydraulic conductivity which varies with the degree of saturation. The 
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simulation results provide pore water pressure distributions similar to those observed in 
several earth dams and verified the hypothesis. Similarly, in the desaturation by air 
injection technic; once the degree of saturation was lowered by artificially injected air; for 
degrees of saturation less than limit degree of saturation, the air phase is continuous; air 
moves freely into the soil and easily escape to the atmosphere. It corresponds to the degree 
of saturation obtained by submergence or progression of a water front in a soil initially at a 
degree of saturation less the limit degree of saturation, just behind the water front. For 
degrees of saturation higher than limit degree of saturation, the air remains as an occluded 
form in the soil pores and can only be transported, dissolved in water, by advection or 
diffusion.  The advection and diffusion process is quite slow in the soil pores and the air 
in an occluded form can exist for a long time. 
Recently, experiments were conducted in the laboratory (Kasatani and Okamura, 2014) to 
evaluate the evolution in degree of saturation at different seepage flow pressure on 
partially saturated sand. Similarly, field in-situ test was conducted to observe the degree of 
saturation change in previously desaturate real field. Both the laboratory experiments and 
in-situ test data provide a unique opportunity to verify performance of the numerical 
procedures. In this study an attempt was made to verify the numerical procedure to predict 
the evolution of degree of saturation on desaturated soil. This paper presents the results of 
a computational study based on a comprehensive experimental and field in-situ set of data. 
Laboratory experiments and in-situ field test were numerically simulated with considering 
advection and the molecular diffusion process of mass transfer by using the multiphase 
flow simulation model (TOUGH2) and is based on the finite difference method (FDM). 
6.2 Transfer of air through the unsaturated soil  
As a soil desaturates, water vapor flow becomes more significant than liquid water flow. 
But the question is how to know and quantify this changes form of flow. The water mass 
flux by liquid flow is traditionally described using Darcy’s law. The mass flux by water 
vapor and advection within bulk air can be described using a modified form of Fick’s law 
(Philip and de Vries, 1957; Dakshanamurthy and Fredlund, 1981). Air in desaturates soil 
can exist either as a continuous phase or in the form of occluded air bubbles. The air phase 
generally becomes continuous as the degree of saturation less than about 85% (Corey, 
1957). The flow of free air through an unsaturated soil commences as the air phase 
becomes continuous.  When the degree of saturation is about above 90%, the air phase 
generally exists as occluded air bubbles and air flow is reduced to the diffusion of air 
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through pore-water (Matyas, 1967) as well as dissolved air flow by advection. Once the 
soil was desaturates by air injection, the air exist in continuous phase will easily escape to 
the atmosphere by buoyancy force. But the occluded air bubbles will not escape easily as 
both the advection and diffusion process are very slow which allow the air bubbles to 
survive long time in the soil pore. 
6.2.1 Transport of dissolved air by advection  
The water flow through an element of soil is assumed to be slow enough to achieve 
equilibrium between the partial pressure of the occluded air and it’s dissolved mass in 
water. This means that if a certain volume of water,
wV , saturated in air at the partial 
pressure 1paP enters in an element of soil having a different partial air pressure 2paP , a new 
equilibrium will be reached. This equilibrium is achieved by dissolution if 2paP  is higher 
than 1paP or exsolution if 2pgP  is lower than 1paP . In both the cases, according to Henry’s law, 
the variation of the mass of dissolved air, saM is;  
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Where )( 12 papapa PPP  , and maM and mwM  are the molecular weights of the air and 
water, respectively and wah  is the constant of dissolution of air in water.  
The water flow rate is; 
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Where sA is the cross-sectional area of the soil element in a plane perpendicular to the 
flow direction, and t is the time interval during which the volume of water wV  flows 
through the soil element.  
For a soil element of unit volume and length L , L
As

1

, equation (6.2) can be written as 
follows; 
Where 
:)/( wamwmawwa hMMA   wa
A
is constant for air at a constant temperature. 
6.2.2 Transport of air by diffusion  
According to Henry’s law, the concentration of air in solution varies with the partial 
pressure of the air. If there is variation of this partial pressure along the flow path, this 
variation implies a variation of concentration of dissolved air in pore water. This means 
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that, independently of the water flow rate, there is a molecular air flow in water which 
tends to minimize this variation of concentration. This diffusion phenomenon is described 
by Fick’s law. 
The ratio of the mass of dissolved air transported by diffusion, da
M
, to the volume of water, 
wV  is a direct expression of the concentration of this air in water, wa
C
 . Assuming 
Henry’s law for water saturated in air at its absolute partial pressure pa
P
, this ratio can be 
expressed by  
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Where, w

is the density of water, mw
M
 is the molecular weight of the water and ma
M
is 
the molecular weight of air and wa
h
is the constant of dissolution of air in water. Here, air 
at constant temperature, pa
P
is the only variable on the right hand side of eq. (3); if the 
tortuosity of water path is neglected, 
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As the Fick’s law of diffusion states that the flux of the diffusing air in a liquid, ad
J
, is 
proportional to the concentration gradient of the air. For a air diffusing in water; 
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Where, da
M
is the mass of air transported by diffusion through a given section of water w
A
, 
during the time interval dt , wa
D
is the diffusion coefficient of the air in water; wa
C
 is the 
mass of air per volume of water; and L is the distance along the flux path.  By 
substituting eq. (4) in eq. (5),  
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The change in mass of air per unit volume of soil during a time interval, t , is the 
difference between the masses coming and going out during this time interval; for a flow 
section srw
AnSA 
, 
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Equation 6.7 can be written as follows; 
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An average value of smx /100.1
210
 diffusion coefficient in water, wa
D
, is assumed for 
the simulations.  
6.3 Laboratory Experiment  
Fig. 6.1 schematically illustrates the experimental set-up adopted to observe the change in 
degree of saturation. It consisted of five Plexiglas cylindrical tube with an inner diameter 
of 10cm and length 35cm placed on stainless steel pedestal. Five cylinders connected 
in-line by a thin tube simulated the change in degree of saturation on 1.75m long column at 
one dimensional flow condition.  The soil used for the model preparation was Toyoura 
sand with relative density 90% and initial degree of saturation before the flow of water 
initiated from the flooding balloon was about 93%. The mass ratio of the sand and water in 
a specimen when it was 100% saturation was set to be 4(kg): 1(kg). This allows the mass 
changes over time of each specimen during the flowing of water to be measured in the 
order of 1g. It means change on degree of saturation can be observed in the order of 0.001 
accuracy. The precise compact electronic balance (NVT160JP/2) of Ohaus Corporation 
was used to measure the mass change.  The water used for the seepage flow was de-aired 
at -100kPa pressure for more than 12 hours to remove all dissolve air in the water. The 
flow of de-aired water was supplied through the flooding balloon with keeping three 
different hydraulic head of 0.66m, 0.43m and 0.12m as a case 1, case 2 and case 3, 
respectively. The change in degree of saturation was measured by measuring the change in 
mass of each cylinder. In addition, piezometers were installed in each cylinder to measure 
the permeability during the continue seepage flow condition. Experimental conditions are 
shown in Table 6.1.  
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Table 6.1 Experimental condition 
Experiment 
Case 
Sample Flow water 
Relative 
density, Dr (%) 
Initial degree 
of saturation 
(%) 
Hydraulic 
gradient  
Case1 
Toyoura 
sand 
Deared water 
 
90% 92-94% 
0.66 
Case2 0.43 
Case3 .12 
 
 
Flooding Baloon
Drain out
350
 
ｈ
Unit：mm
Pizeometer
No.1 No.2 No.3 No.4 No.5
 
Fig. 6.1 Experimental set-up   
The change in degree of saturation 
rS by de-aired water flow was calculated using a 
mass change m in the specimen. This mass change m is a value obtained due to the 
flow of water through the specimen, as the sand mass in the specimen does not change, 
this change is due to the replace of air by water due to continue flow in the specimen by 
dissolution and diffusion process which increase the amount of water content in the 
specimen. In these experiment hydraulic gradient is high for all three cases so the 
dominant mechanism for dissipation of air in soil pore is dissolution due to the pressure 
difference. Over the time the amount of change in degree saturation 
rS is obtained by 
dividing the water volume change Vw  in the specimen pore vV , the final degree of 
saturation in the specimens over the time change is obtained by adding the change in 
degree of saturation 
rS  to the initial degree of saturation 1rS . Below shows the 
expression to calculate the final degree of saturation.  
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6.4 In-situ Degree of Saturation Measurement  
In-situ air injection test was conducted in October 2013 at a construction site of highway 
embankment near the mouth of Imagiri River, Tokushima. Fig 6.2 shows soil profile at the 
site. Alluvium loose sand deposit extends from the surface to the depth of about 12m. This 
layer is identified liquefiable layer through the geotechnical investigation and set as the 
target layer of desaturation by air injection. Fines content of the layer is mostly lower than 
20% and several thin layer of clay seems being sandwiched. The ground water table was 
0.5m from the surface. Soil water retention characteristics were tested on disturbed 
samples with a pressure plate apparatus and the minimum pressure observed at the onset of 
drainage, recognized as an air entry value, was in a range between 1 to 10kPa. 
 
D
e
p
th
 (
m
)
 
Fig. 6.2 Soil profile. 
Fig. 6.3 shows more detailed boring log and locations of air injectors. To cover the whole 
width of the embankment, air was injected from the four locations at 8 m c/c in two row 
10m apart in the embankment cross section as shown in Fig 6.4. Air injection spots were 
determined based on the trial test carried out in two locations (S-1 and A-1), in which soils 
in the radius of 5m was effectively desaturated in 6.5 hours.  There were thick clay seams 
at depth 5m and in between 9 and 12 m. As these seams were expected to impede upward 
flow of injected air. Air injectors were set at two depth in 8m and 11m so that the target 
sand layer can be desaturate properly. In order to monitor the evolution of desaturated zone, 
electrodes were installed at four locations in between the two row (5m from the injection 
point) with 0.5 m intervals in depth. Air was injected through the all eight locations in two 
depth and monitored the change in resistivity in electrodes to confirm the desaturation 
effectively in targeted area. 
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Fig. 6.3 Arrangement of air injectors and electrodes. 
Onsite degree of saturation measurement was carried out on March, 2014 on the same 
location, where the air injection was carried out on October 2013. This onsite degree of 
saturation measurement was carried out by short sampling and ground water sampling 
method with improved triple tube sampler and compare with the predetermined value of 
saturation whether it is less or high. In addition to the usual boring practice, a generator 
water tank was set so that the short sampler can collect under the water with keeping 
minimum disturbances on sampling as shown in Fig. 6.5. Typical boring technique similar 
to the rotary drilling type (KH-100 type) was applied to recover the undisturbed sample in 
the field. The core sample was collected in sampler length 50cm which is short sampler 
than the ordinary so referred to as short sampler. One way of measuring the degree of 
saturation of the ground is through the laboratory test using a low disturbance sample 
recovered by tube sampling.  
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Fig. 6.4 Layout of air injector and electrodes. 
However, in the sandy soil, dehydration occurs from the borehole when raising the sampler 
on the ground, resulting different degree of saturation than actual one at that stage. 
Therefore, obtaining the degree of saturation in the original position of the sandy soil from 
tube sample specimen is generally difficult. On the other hand, in the process of saturation 
measurement  
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Fig. 6.5 Water tank to collect short sampler under water. 
from tube sampling, it is possible to avoid the dehydration by collecting the sample 
continuously with water till the wet weight and actual recovered sample dimension was 
measured in the ground surface. In addition, by performing the saturation measurement on 
site, can exclude the effect on the degree of saturation due to evaporation of dissolved air 
by disturbance on the sample and temperature change during the transportation. So the 
onsite measurement technique was applied in this study to avoid such effects on degree of 
saturation measurement. In this study, the degree of saturation was determined from the 
tube sampling and field measurements using short sampler which can be summarized as 
below;  
1. The sample was recovered by short triple sampler. 
2. The sample was pulled up and taken out in to the surface with completely cut off 
the dehydration by issuing the water at all. 
3. Volume and wet weight measurement of the samples was taken in the field. 
4. The volume of air present on collected soil sample was measured on the field ( the 
collected sample was taken in a sealed container and volume change was measured 
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through the amount of pressure  change,) 
5. Dry weight and dry density of the sample was measured through the laboratory 
test. 
The degree of saturation was calculated from the equitation mentioned below; 
Method by wet weight: 
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Where, rS is the degree of saturation, w is the water content, 
s is the soil particle density, 
e is the void ratio and w

is the density of water. Here, water content w is calculated from 
the wet mass 
 tM  and dry mass  dM , void ratio e is calculated from the dry density, d  
and soil particle density, s

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Here, the volume of void ( v
V
) is calculated from the volume of soil ( s
V
), dry mass, d
M
, 
density of soil ( s

) and void ratio (e). 
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Pore water volume ( w
V
 ) is  set as w
V
= v
V
- a
V
 and volume of air in the soil pore is 
calculated by the Boyle’s law considering air in the soil pore is an ideal gas, the change in 
the volume of sample owing to the change in the air pressure in the sealed container from 
1P  to 2P  can be given as; 
2211 VPVP   or 
)()( 2211 VVPVVP aa   and  
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6.5 Numerical analysis by Multiphase flow simulation  
Simultaneous flow of water and air occurs on the partially saturated soil during continuous 
seepage flow, which lets the soil to gain its saturation level and reached at fully saturated 
conditions in due course of time. To simulate this multiphase flow, we use a simulator of 
TOUGH2 (Pruess et al., 1999) to describe a saturation process and to examine an 
applicability of the model if replicating the laboratory experimental and in-situ field 
measurements. TOUGH2 solves mass and energy balance equations that describe fluid and 
heat flow in general multiphase, multicomponent systems. In this code, space 
discretization is made directly from the integral form of the basic conservation equations, 
without converting them in to partial differential equations. This “integral finite difference” 
method (IFDM; Edawards, 1972; Narasimhan and Witherspoon, 1976) avoids any 
reference to a global system of coordinates, and thus offers the advantage of regular or 
irregular discretizations in one, two, and three dimensions. Time is discretized fully 
implicitly as a first- order back- ward finite difference. This together with an upstream 
weighting of flux terms at interfaces is adopted to avoid impractical time step limitations 
in flow problems. Time steps are automatically adjusted ( increased or reduced) during a 
simulation run, depending on the convergence rate of the iteration run, depending on the 
convergence rate of the iteration process. Automatic time step adjustment is essential for 
an efficient solution of multiphase flow problems, where intrinsic time scales for 
significant changes in the flow system may vary by many orders of magnitude during a 
simulation run. 
Air erosion in unsaturated soil at occluded air phase is due to water flow when there is 
water head difference, and is due to diffusion when there is concentration difference of 
dissolved air (Fredlund and Rahardjo, 1993). The head difference to flow the deaerated 
water is comparatively small in the experiment model and also, water flow velocity in the 
soil pore at air injected site is very slow. In this condition, both the diffusion and advection 
process of mass transfer has been considered to evaluate the change in degree of saturation 
by the equation of state 3 (EOS3, air and water flow) under TOUGH2 simulator using 
PetraSim5 interface model for both experimental model and in-situ air injection site. 
In this study, I use a gas-liquid two-phase simulator of TOUGH2 (Pruess et al., 1999) 
considering the molecular diffusion process also due to the concentration gradient to 
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describe  saturation process and to examine an applicability of the model if replicating the 
experimental and in-situ desaturation measurements.  
In TOUGH2, a mass balance may be expressed in integral form for arbitrary sub-volume, 
Vn, bounded by a surface area of n given as, 
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where  denotes the component, M  is the amount of component  with a dimension of 
mass per volume, F is the flux of component  , n is the outward unit vector normal to 
the volume surface, 
q is the rate of generation of component  within the volume. 
Equation (19) is discretized in space to numerically solve multiphase flow processes. After 
discretized as a first-order finite difference, the flux and sink and source terms are 
evaluated at the next time step. An iterative procedure is adopted to solve in time until a 
prescribed time. 
The general form of the mass accumulation term for air and water is given by, 
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Where ,S    and X  denote the degree of saturation, density, and mass fraction of 
phase   (liquid or gaseous phase), respectively. The adjective mass flux terms summed 
over the liquid and gaeous phases, as, 
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Advective flow for each phase   is defined by considering the driving forces of pressure 
and gravity according to a multiphase extension of Darcy’s law, given as, 
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Where u is the   phase Darcy velocity,  is the intrinsic permeability,  r is the   
phase relative permeability, u is the   phase dynamic viscosity, P is the   phase 
pressure, and g is the gravitational acceleration vector. The hydraulic conductivity, K , is 
evaluated through a simple laboratory test, and intrinsic permeability,  ,is obtained by the 
following relation between K  and  , given as,  
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here, w is the dynamic viscosity of water. 
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Molecular diffusion may become a significant and even dominant mechanism for mass 
transport when subsurface flow (advective velocities) are small. Diffusive flux is usually 
written as being proportional to the gradient in the concentration of the diffusing 
component (Fick’s law), 
 24.6Cdf   
where d is an effective diffusivity, which in general will depend on properties of the 
diffusing component, the pore fluid, and the porous medium. The concentration variable C 
may be chosen in a number of different ways (mass per unit volume, moles per unit 
volume, mass or mol fraction (Bird et al., 1960; de Marsily, 1986). In TOUGH2, it is used 
a pragmatic approach in which diffusive flux of component   in phase   (liquid, air) is 
written as; 
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where,  is porosity,  0  is the tortuosity which includes porous medium dependent 
factor 0 and a coefficient that depends on phase saturation S ,  =  ( S ),  is 
density, 

d  is the diffusion coefficient of component   in bulk fluid phase  , and 

X  
is the mass fraction of component  in phase  . 
The Mualem-van Genuchten model (Mualem, 1976; van Genuchten, 1980) is used to 
describe the relation between degree of saturation and   phase relative permeability, 
given as, 
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Here, lsS  is the maximum liquid degree of saturation, and  is the constant. lrS and grS
denote the residual liquid and gaseous degree of saturation, respectively.  
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The relation between liquid  l  and gaseous  g  pressure is defined, via the capillary 
pressure, capP , as,  
 30.61 capg PPP   
The relation between the capillary pressure and degree of saturation (i.e., water retention 
curve) may be described by the van Gennuchten equation (van Gennuchten, 1980), as,  
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where, 0P  is the constant that may be related to an air entry value. 
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Fig. 6.6 Comparison between experimental and simulated soil water retention 
characteristic curve (SWRC) used for laboratory experiment (a) Capillary pressure curve 
(b) Relative permeability curve. 
6.5.1 Determination of input parameters 
The basic input parameter required to simulate the model are flow characteristic of the soil. 
The relation between the capillary pressure and degree of saturation (Eq. (6.31)) for the 
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Toyoura sand utilized for the laboratory experiments is plotted through the soil water 
retention characteristic curve (SWRC) determined by Yashuhara et al. (2008) together with 
the well-fitted predictions using the Mualem-van Genuchten model (1980) as shown in 
Fig.6.6. The parameters used for the fitting is tabulated in Table 6.1. Similarly, for the 
in-situ model the relation between capillary pressure and degree of saturation of 
desaturated soil is determined through soil water retention experiments using the pressure 
plate test with well- fitted predictions using the Mualem-van Genuchten model (1980) as 
shown in Fig 6.7. The parameters used for the fitting to both laboratory experiment model 
and in-situ model is tabulated in Table 6.2 and 6.3 respectively. 
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Fig. 6.7 Comparison between experimental and simulated soil water retention 
characteristic curve (SWRC) for field soil.  
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Table 6.2 Input parameter (Laboratory test model)  
 
Parameter  
Density t (kg/m
3) 1960 
Porosity (n) 
Intrinsic permeability,  
0.39 
X-permeability (m2) 7.3E-12  
Y-permeability (m2) 7.3E-12 
Z-permeability (m2) 7.3E-12 
 
Parameter  
 0.889 
Air entry value P0 (kPa) 4.47 
Residual liquid degree of saturation(Slr) 0.155  
Maximum liquid degree of saturation(Sls) 1.0 
Residual air degree of saturation (Sgr)  0.065 
 
Parameter Gas Liquid 
Water 1.0E-6 1.0E-10 
Air 1.0E-6 1.0E-10 
Relative permeability (Van Genuchten model, 1980)Soil parameter
Capillary pressure (Van Genuchten model, 1980)
Diffusion coefficient 
 
Parameter  
 0.889 
Residual liquid degree of saturation(Slr) 0.155 
1/P0 (Pa) 2.23E-4  
Capillary pressure maximum, Pmax (Pa) 3.0E4 
Maximum liquid degree of saturation(Sls) 1.0 
 
Table 6.3 Input parameter (In-situ model)          
(a) As1 (9.6-9.8m)
 
Parameter  
Density t (kg/m
3) 1890 
Porosity (n) 
Intrinsic permeability,  
0.48 
X-permeability (m2) 6.23E-13  
Y-permeability (m2) 6.23E-13 
Z-permeability (m2) 6.23E-13 
 
Parameter  
 0.89 
Air entry value P0 (kPa) 11.976 
Residual liquid degree of saturation(Slr) 0.507  
Maximum liquid degree of saturation(Sls) 1.0 
Residual air degree of saturation (Sgr)  0.1 
 
Parameter  
 0.89 
Residual liquid degree of saturation(Slr) 0.507 
1/P0 (Pa) 8.35E-5  
Capillary pressure maximum, Pmax (Pa) 2.596E4 
Maximum liquid degree of saturation(Sls) 0.1 
  
 
Parameter Gas Liquid 
Water 1.0E-6 1.0E-10 
Air 1.0E-6 1.0E-10 
Soil parameter Relative permeability (Van Genuchten model, 1980)
Capillary pressure (Van Genuchten model, 1980)
Diffusion coefficient 
 
Parameter  
Density t (kg/m
3) 1890 
Porosity (n) 
Intrinsic permeability,  
0.50 
X-permeability (m2) 3.75E-13  
Y-permeability (m2) 3.75E-13 
Z-permeability (m2) 3.75E-13 
 
Parameter  
 0.81 
Air entry value P0 (kPa) 12.36 
Residual liquid degree of saturation(Slr) 0.461  
Maximum liquid degree of saturation(Sls) 1.0 
Residual air degree of saturation (Sgr)  0.1 
 
Parameter Gas Liquid 
Water 1.0E-6 1.0E-10 
Air 1.0E-6 1.0E-10 
(b) Asc (14.4-14.45m)
Relative permeability (Van Genuchten model, 1980)Soil parameter
Capillary pressure (Van Genuchten model, 1980)
Diffusion coefficient 
 
Parameter  
 0.81 
Residual liquid degree of saturation(Slr) 0.461 
1/P0 (Pa) 8.09E-5  
Capillary pressure maximum, Pmax (Pa) 2.823E4 
Maximum liquid degree of saturation(Sls) 0.1 
 
The parameters of  , lrS and  lsS for relative permeability function are assumed 
equivalent to those determined from fitting the water retention curve for drainage. The 
residual gaseous degree of saturation grS is obtained from trapped air saturation at the end 
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of the water retention experiment for imbibition. The relation of relative permeability 
between liquid and gaseous phases with the determined values is predicted using the 
Mualem-van Genuchten model (Mualem, 1976; Mualem-van Genuchten, 1980). The 
hydraulic conductivity is measured from constant head flow through tests, and obtained 
values are tabulated in Table 6.4. 
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Fig. 6.8 Simulated Integral Finite Difference mesh model (FDM) representing (a) 
Laboratory experiment model (b) in-situ field model 
Table 6.4 Hydraulic conductivity of soil 
Soil type Specific Gravity (Gs) Permeability, k (m/s) 
As1 2.71 6.2x10-6 
Asc 2.75 3.5x10-6 
 
 
6.5.2 Numerical model for Analysis 
IFD model 
Fig.6.8 (a) and (b) shows the Integral Finite Difference mesh model for the laboratory 
experiment and in-situ field test respectively.  The simulated domain of laboratory 
experiment model has one dimensional flow in x-direction compatible to the Fig. Fig. 
6.The pressure exerted at injection cell (First cell) is fixed compatible to the laboratory 
experiment with hydraulic gradient of 0.66, 0.43 and 0.12 for case1, case2, and case3 
respectively. Similarly, simulated domain for in-situ model with dimension of 28 m long 
and 10m deep has no flow boundaries for both water and air in top and bottom surfaces but 
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can flow through the two sides, and consists two layers of soil Asc and As1as shown in Fig 
6.8 (b) or the simulation model 10m deep section of soil in-between 4.5 -13.5m was 
selected and it covered all the desaturated zone observed during the air injection through 
the two injection depth at 8m and 11 m respectively. Left side cells are considered as input 
cell of continuous seepage flow with keeping hydraulic gradient of i=4.44 x10-4 and flow 
is considered continue towards the sea side. The initial degree of saturation in desaturated 
area is considered as 90 % ( Sr = 90%) in the simulation model. 
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Fig. 6.9 Time histories of discharge 
6.6 Comparison between measurement and Prediction  
6.6.1  Laboratory Experiments  
The experiments models were numerically simulated and results were compared with 
experiments in terms of flow rate and degree of saturation evolution at continue seepage 
flow conditions. Time histories of flow rate (discharge) in case 1 and case 2 from 
laboratory experiment and numerical simulation are depicted in Fig. 6.9. Experiment and 
numerical simulation results on change in degree of saturation are depicted in Fig. 6.10. In 
case 1, flow rate of water continuously increases and reached constant after 27hr of 
seepage flow in both the experiment and numerical simulation as shown in Fig. 6.9. This 
27hr is the time elapsed to reach the degree of saturation 100%. Similarly, In case 2 
discharge increases till 48hr of continue flow and then remains constant. In this case also 
48hr is the time elapsed to reach the degree of saturation 100% in both the experiment and 
numerical simulation. The increase pattern of degree of saturation is also compatible in 
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both the experiment and numerical simulation. In the experiment, just after the first soil 
column reached Sr= 100% the second soil column started to increase in, similar pattern 
was observed also in simulation  as shown in Fig. 6.10.  In case 3, the hydraulic head is 
comparatively lower than case 1 and case2, so the degree of saturation increase rate is 
pretty slow in both experiment and simulation and can’t achieve 100% throughout the 
model even after 100hr of continue seepage flow as depicted in Fig, 6.10. Fig. 6.11 shows 
the evolution of degree of saturation with time at all three cases and showed that increment 
rate depend on the hydraulic gradient of flow. When the hydraulic gradient is small, more 
time required to achieve 100% saturation with all other condition remains same. 
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Fig. 6.10 Degree of saturation (Sr) change with time. 
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Fig. 6.11 Evolution of degree of saturation with time. 
There is a slight difference on the experiment and simulated model. The experiment model 
have five Plexiglas cylindrical tube connected each by thin tube where only dissolution 
mechanism of mass transfer exists but the numerical model is continue and both the 
dissolution and diffusion process of mass transfer occurred throughout the 1.75m length. 
Although the hydraulic gradient are high in all three cases which makes the dissolution 
dominant for dissipation of the air in the soil pore. Here, effects of this discrepancy on 
experiment and numerical model were evaluated by simulating the case3 (with low 
hydraulic gradient) with and without the molecular diffusion coefficient and results are 
almost similar as shown in Fig. 6.12. It indicates that the diffusion do not have that much 
effect and can be neglected. 
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Fig. 6.12 Comparison the result with and without diffusion coefficient  
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6.6.2 In-situ field test  
The conceptualized numerical model as depicted in Fig. 6.8 (b) was numerically simulated 
using the Petrasium 5 interface model of multiphase flow simulator, TOUGH2 EOS3. It 
deals the flow of water and air simultaneously. The simulated results are at first compared 
with the field measurement carried out after the four month of air injection test. Similarly, 
the evolution of degree of saturation for 20yrs at continues seepage flow is evaluated 
through the simulation. The measured degree of saturation on recovered sample after the 4 
month of air injection are presented in Table 6.5.  In the field, the degree of saturation 
(Sr) of recovered sample was obtained by wet weight method computing the weight and 
size of the recovered sample precisely. Also, the degree of saturation on recovered sampler 
was obtained by applying the boyle’s law as described in chapter 6.4. All the obtained 
degree of saturation using the field test and numerical predictions are presented in 
Table.6.3. Fig. 6.13 shows the degree of saturation obtained from the field test and 
numerical prediction after the four month of air injection. It shows that the numerical 
results have lower value (App. Sr < 91%) in comparison with the field measurement; 
scattered with the method applied for calculation as shown in Table 6.3 and Fig. 
6.13.During the field measurement, the sample was recovered at ground surface first and 
then obtained the Sr  , in this situation the effective confining pressure on the sample was 
released and the volume of air bubble exists in the soil pore at in-situ conditions was 
increased simultaneously following the boyle’s law. Some air bubble might be lost due to 
this sudden increase of air volume during the sample collection time.  This may be the 
cause to have higher Sr in field measurement compared with the prediction.  
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Table 6.5 Degree of saturation (Sr) from both field measurements and predictions 
Depth (m)
Theoritical Sr1 
(%)
At atmospheric 
pressure,Sr2 (%)
At Hydrostatic 
pressureSr2'(%)
TOUGH2
4 month, Sr
(%)
1yr, Sr
(%)
5yr, Sr
(%)
10yr, Sr
(%)
4.5 99.4 99.3 99.4 99.68 99.79 100 100
5 89.4 90 91.8 99.68 99.79 100 100
5.5 101 98.4 98.7 99.68 99.79 100 100
6 99.68 99.79 100 100
6.5 100.5 99.7 99.8 99.68 99.79 100 100
7 99.1 98.9 99.3 99.68 99.79 100 100
7.5 98.8 98.8 99.1 99.68 99.78 100 100
8 98.6 97.6 98.4 99.68 99.76 100 100
8.5 93.2 92.8 95.9 95.70 95.92 97.29 99.00
9 95.6 94.7 96.8 91.72 92.09 94.53 97.92
9.5 94.1 93.9 96.5 91.72 92.08 94.48 98.01
10 97.9 97.5 98.6 91.72 92.10 95.29 99.09
10.5 99.5 99.8 99.9 95.70 95.95 98.04 100
11 98.9 98.6 99.2 99.68 99.78 100 100
11.5 99.8 98.8 99.4 99.68 99.77 100 100
12 93.1 93 95.8 95.7 95.92 97.27 98.82
12.5 93.7 93.3 96 91.72 92.09 94.44 97.51
13 91.1 90.7 95.2 91.64 91.94 94.03 96.92
13.5 99.7 99.5 99.8 95.61 95.74 96.83 98.24
14 99.64 99.69 100 100
14.5 99.7 98.5 99.4 99.64 99.69 100 100
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Fig. 6.13 Degree of saturation (Sr) after four month of air injection 
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Fig. 6.14 Predicted degree of saturation (Sr)  
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Fig. 6.15 Evolution of degree of saturation (Sr) 
Fig. 6.14 shows the predicted degree of saturation (Sr) for next 1 year, 10 year and 20 year. 
Simulated results shows that even in twenty year saturation level does not reach 100%, it is 
even less than 95%%  as shown in Fig. 6.14. All water properties are represented by the 
steam table equations as given by the International Formulation Committee (1987). The 
injected water representing continues seepage flow in the field is water with zero air 
saturation. This is the extreme condition, in reality seepage water have some air saturation 
which will make further delay to reach the full saturation level. Fig, 6.15 shows the 
evolution of degree of saturation due to the continuous seepage flow obtained from the 
numerical simulation representing the in-situ air injected site at Tokushima. 
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6.7 Conclusions  
The artificially desaturated soil below the ground water table will regain its saturation level. 
It is very important to know the saturation process in the soil so that the longevity of 
injected air can be well predicted. In this study, the laboratory experiment and in-situ field 
test carried out to observe the saturation process were numerically simulated by using the 
multiphase flow simulator.  The comparison between test results and simulated results 
leads the following conclusion; 
1. The observed pattern of degree of saturation changes in laboratory experiments at 
continue seepage flow in different hydraulic head considering the advection and 
diffusion process of mass transfer are well comparable with simulated results. 
The observed flow rate from the laboratory experiment and numerical simulation 
are also well comparable.  
2. The observed degree of saturation (Sr) from field in-situ test found higher (3-4%) 
than the degree of saturation obtained from the numerical simulation. Possible 
reason for this discrepancy may be due the loss of air bubble during the sample 
collection time by change in volume from the sudden release of effective 
confining pressure.   
3. The predicted degree of saturation from the numerical simulation showed that the 
injected air exists in the soil pores will not dissipate easily. Even after the 20 
years of desaturation the soil did not regain its saturation level 100% even though 
the simulation was carried out in extreme condition by flowing the water with 
zero air content. It shows the longevity of the injected air in the soil pore which is 
mentioned by Okamura et al. (2006) in their study carried out on the desaturated 
soil during the sand compaction piling.  
Finally, the comparison between the tests and simulated results indicates that simulator 
may be capable of predicting the saturation process after the degree of saturation lowered 
by air injection technique under arbitrary conditions, and be applicable to field problems to 
predict the longevity of artificially injected air as flow characteristics are identified. 
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Chapter 7 
CONCLUSIONS AND RECOMMENDATIONS 
This study puts an effort to investigate the soil liquefaction in Kathmandu valley of Nepal 
based on the earthquake case histories, field in-situ test and undrained cyclic triaxial test in 
the laboratory. Similarly, effectiveness of desaturation by air injection technique to 
mitigate the liquefaction on foundation soil of light structures was evaluated through 
physical and numerical modeling. Also, the durability of injected air bubbles wer assessed 
through the flow simulation. 
On April 25, 2015, Nepal was hit by M7.8 earthquake with epicenter Barpak Gorkha 
approximately 80km west from the Kathmandu valley. This was the largest earthquake in 
Nepal’s history since 1934. The observed peak ground acceleration of the 2015 Nepal 
earthquake in Kathmandu valley were approximately 160 gals. Although this acceleration 
was much smaller than that expected (i.e. 300 gal), extensive soil liquefaction was 
observed at several locations in the vicinity of rivers in Kathmandu valley. Rana (1935) 
reported even worse situation with widespread liquefaction in the valley during Bihar 
Nepal earthquake in 1934. These both experiences strongly indicate that soils in the valley 
are quite prone to liquefaction and liquefaction assessment is great important to get 
prepared for stronger earthquake in the future. 
To investigate the liquefaction characteristic of Kathmandu soil extensive survey was 
conducted just after the Gorkha earthquake 2015 and marked 12 liquefied locations. The 
liquefactions were spread throughout the valley mostly in the vicinity of the rivers passing 
through it. The main features of ground failures in liquefied area were fissuring towards 
the downwards slope with sand boils ejected through the fissuring’s in slope area and sand 
boils in the plain low land area. The sand erupted at liquefaction sites were collected and 
conducted the X-ray diffraction analyses and it was found that quartz (60-80%), feldspar 
(10-20%), mica (10-20%) and calcite (5-10 %) are the dominant minerals in Kathmandu 
soil. 
Among the marked 12 liquefied locations; Manamiju, Ramkot, Imadol and Changunaryan 
at Nepal Enginering College (NEC) were selected for detail field investigations. These 
four liquefied sites are located at the vicinity of the four major river in passing through the 
Kathmandu valley and believed to be represented the heterogenetic distribution of 
Kathmandu soil. For the validation one more site at Manahara which did not liquefied 
during thisGorkha earthquake was selected for the field investigation. In-situ field test 
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including boring, standard penetration tests (SPT), undisturbed soil sampling and 
PS-logging were conducted in these locations. Based on the field test results critical layer 
for liquefaction were identified in each sites; relation was established between the 
normalized SPT N value or S-wave velocity and cyclic stress ratio (CSR) generated by the 
peak ground acceleration on this liquefiable layer which separates liquefied and 
non-liquefied sites. The relation between the normalized N-value or S-wave velocity with 
CSR obtained from this study were plotted on the curves proposed based on the Japan and 
US experiences to separate the liquefied and non-liquefied sites. The plotted point’s 
showed that the proposed curves based on the Japan and US experiences do not well 
satisfied the Kathmandu soil. The plotted points between the normalized N-value and CSR 
on the graph suggested by Seed et al. (1985) and Japan Road Association (JRA, 2000) 
showed that it is under estimate the liquefaction potential of Kathmandu soil. Similarly, the 
plotted points between the normalized S-wave (Vs1) and CSR on the graph proposed by 
Andrus and Stokoe’s (2000) showed that it is over estimate in the case of Kathmandu soil.  
The obtained soil sample from the continuous soil sampling of identified liquefied layer 
were brought to Ehime university, Japan and conducted the undrained cyclic triaxial tests 
to observe the dynamic characteristic of Kathmandu soil. The reconstituted triaxial 
specimens by wet tamping method at different relative density were tested under undrained 
cyclic loading. The liquefaction strength curve obtained from these tests indicate that the 
Kathmandu soil is very crushable and easily failed during the cyclic loading. Even the soil 
at very high relative density liquefied easily with small number of cyclic loading. The 
characteristic of soil found almost similar for all the locations tested in the laboratory.  
The deformation test was also conducted for each relative density soil sample used for the 
liquefaction analysis.  Shear modulus (G0) was estimated from the deformation test at 
small strain level of range 1.0E-5 and found 4-5 times lower than the Toyoura and Ottawa 
sand. The graph plotted between the normalized shear modulus and shear strain showed 
that the Kathmandu soil have more elastic in nature as compared to Toyoura and Ottawa 
sand.  
Finally, both the laboratory tests results and field in-situ tests results were combined and 
proposed a new boundary curve based on the normalized S-wave velocity (Vs1) and CSR 
to separate the liquefiable and non-liquefiable sites for Kathmandu soil. This proposed 
boundary line satisfied all the liquefied and non-liquefied locations included in this study 
and data from the JICA study (2002).   
During the field investigation, it was observed that there is a problem on the execution 
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practice of SPT test in Kathmandu valley. Mostly the effectiveness of weight drop to 
penetrate the 30cm soil layer seems less in Kathmandu practice which may lead to 
measure the N-value in higher side in comparison with the similar type of soil in other 
parts of the world especially in Japan and United states. One of the main cause for the 
under estimate of liquefaction potential of Kathmandu valley by normalized N value 
versus CSR curve proposed by Seed et al. (1985) and JRA (2000) may be due to this 
non-standard SPT test practice in the field. For the time being until n unless the execution 
procedure of SPT test in the field improved and maintained the standard, new boundary 
curve in correlation with normalized N value and CSR is developed and proposed which 
can correctly assess the liquefaction and non-liquefaction sites in Kathmandu valley based 
on SPT in-situ test data.   
Four centrifuge model tests were performed in the laboratory to evaluate the effectiveness 
of desaturation by air injection technique as a liquefaction countermeasure technique for 
shallow foundation soil under light structures. Centrifuge models were prepared at 1:50 
scale and tested in a centrifuge by imparting a seismic event at 50 g. Models of two 
shallow foundations were used, with base contact pressures of either 10 kPa or 35 kPa 
designated as the light load foundation (M1) and the heavy load foundation (M2), 
respectively. Two models for each type of foundation were prepared: saturated model 
(benchmark model, Models M1-1 and M2-1) and desaturated model by air injection 
(Models M1-2 and M2-2).  
A simulated sinusoidal wave with dominant frequency of 40 Hz and acceleration 
amplitude of 95 m/s2 (1.9 m/s2 in prototype) was imparted in all models. The effectiveness 
of air injection technique was evaluated in terms of pore pressure generation, vertical 
settlements and factor of safety against liquefaction in saturated and desaturated model of 
both light load (M1) and heavy load (M2) foundation model. 
The test results showed that the excess pore pressure (EPP) of the saturated benchmark 
model, M1-1 and M2-1, reached its initial effective stress in a few cycles, indicating that 
the soil liquefied. However, for the desaturated model, M1-2 and M2-2, EPP was 
considerably lower at desaturated where the soil was effectively desaturated by the air 
injection. The observed excess pore pressures in desaturated models were 50% and 70% 
lower than the saturated cases in light and heavy load foundation models respectively. 
These findings show that the degree of saturation plays a dominant role in the generation 
of excess pore pressure during shaking. Also, shows that soil resistance to liquefaction was 
significantly increased and did not liquefy in the desaturated zone, where the degree of 
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saturation was decreased by air injection. 
The vertical settlements reduced more significantly under desaturated than saturated 
conditions for both light and heavy load foundation models. The vertical settlements in the 
structural center were reduced by approximately 70% and 50% in the light and heavy load 
foundation models, respectively. This shows that the countermeasure technique can control 
liquefaction and reduce the settlement significantly. 
The factor safety against liquefaction (FL) were calculated at the same location of saturated 
and desaturated models. FL for the benchmark models was nearly 0.5 or less, and near the 
unity in the desaturated zones of both heavy and light load foundation models. This is 
consistent with the variation in EPP.  
Effects of stress level on the behavior of desaturated foundation soil also evaluated in this 
study .Not only the degree of saturation but also the initial effective stress affect the 
liquefaction resistance of unsaturated soil. The plotted relation between EPP ratios and 
base contact pressures of foundations for the desaturated models, M1-2 and M2-2 shows 
that EPP ratios decrease with an increase in the base contact pressure in the desaturated 
zone. This suggests that the effective stress also has an important role in controlling the 
generation of excess pore pressure. On the other hand, the effective stress does not have 
such a significant effect on liquefaction resistance for saturated soil. 
All the results of centrifuge modeling conducted in this study demonstrated the 
effectiveness of the air injection technique to strengthen the liquefiable soil below light 
structures. Thus far, the test results have indicated that desaturation by the air injection 
technique is a useful solution for increasing the liquefaction resistance of soil at shallow 
foundations upon which lightweight structures rest. 
The mechanical properties of the soil in the saturated and the desaturated zone was exactly 
the same with an exception of degree of saturation. Having been the mixture of water and 
air, the pore in the desaturated model has significantly lower bulk modulus as compared 
with that of the saturated. In this study, an attempt was also made to simulate the 
centrifuge models with numerical analysis by changing the compressibility of the pore. 
Four centrifuge models tested in laboratory were simulated by using the Coupled Analysis 
of Liquefaction (LIQCA-2D), a finite-element method (FEM) based effective stress 
analysis. The computed results were compared with the tests results in terms of excess 
pore pressure (EPP) generation, volumetric strain distribution and settlements and 
deformations.  
The numerical simulation attempted to simulate desaturated sand with an approximately 
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85% degree of saturation by reducing the bulk modulus of the pore fluid. The bulk 
modulus of the pore fluid, which is significantly lower than that of water because of air in 
the pores, was determined based on the degree of saturation and initial effective 
overburden pressures. Excess pore pressures as well as structural settlement and 
deformation mechanisms of foundation soils observed in the centrifuge tests were mostly 
accurately duplicated by the simulations. 
It was observed that volumetric contractive strain of desaturated sand increased with 
increasing excess pore pressures during shaking. The structural settlement of the 
desaturated models was commensurate with the volumetric strain of soil below the 
structures. 
This study confirmed that the seismic behavior of desaturated soil can successfully 
modeled by reducing the bulk modulus of pore fluid. Also it further confirmed that soil 
desaturation by air injection is sufficiently effective in mitigating the settlement of 
relatively light structures such as one- or two-story residential buildings. 
The unsaturated soil below the ground water table regain its degree of saturation once it 
was desaturated by artificial air injection. The air bubbles exists in continuous phase in the 
soil pore will dissipate easily by moving upwards to the atmosphere during and just after 
the air injection. The small air bubbles exists (10-15% of soil pore) in an occluded form 
are stable and remains for a longer time. The air bubbles remains in an occluded form will 
dissipate only through the dissolution and diffusion in water and these mechanism are very 
slow which make it possible to retain the air bubbles for a long time even more than a 
decade. It is very important to predict the sustainability of these air bubbles in the soil to 
forecast the re-injection time to make the desaturation by air injection technique reliable 
for practical application. In this study, the laboratory experiment and in-situ field test 
carried out to observe the saturation process in unsaturated soil were numerically 
simulated by using the multiphase flow simulator. The simulated results and test results 
were compared in-terms of evolution of degree of saturation with time. 
The observed pattern of degree of saturation changes in laboratory experiments at continue 
seepage flow in different hydraulic head considering the advection and diffusion process 
of mass transfer a well comparable with simulated results. The observed flow rate from the 
laboratory experiment and numerical simulation are also well comparable. 
The predicted degree of saturation from the numerical simulation showed that the injected 
air exists in the soil pores will not dissipate easily. Even after the 10 years of desaturation 
the soil did not regain its saturation level 100% even though the simulation was carried out 
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in extreme condition by flowing the water with zero air content. These results further 
confirmed the longevity of the injected air in the soil pore which is also mentioned by 
Okamura et al. (2006). 
The observed degree of saturation (Sr) from field in-situ test found higher (3-4%) than the 
degree of saturation obtained through numerical simulation. Possible reason for this 
discrepancy may be due the loss of air bubble during the sample collection time due to the 
changes in volume due to sudden release of effective confining pressure.   
The comparative study made between the test and simulated results further ensure the 
durability of injected air in the soil pore.  Similarly, it showed that the multiphase flow 
simulator model (TOUGH2) based on the flow characteristic of the soil may be able to 
well-predict the degree of saturation regain process in desaturated soil once it is lowered 
by air injection. The effects of mineralogical composition on the dissipation of injected air 
was not considered in this study. This may be the new area for further research to make 
this technique more strong and reliable. 
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Appendix-A 
 Measured SPT N value 
* Potential liquefied layer based on SPT N value, GWT and soil type 
 
Depth (m) 
Measured SPT N value 
Remarks 
Manamaiju NEC Imadol Ramkot Manahara 
1 16 11 27 8 16  
2 20 8 9* 13 8  
3 82 14* 1 29 36  
4 54 41 1 - 30  
5 189 30 5 - 36  
6 157 24 5 24* 22*  
7 193 74 5 36 37  
8 15* 62 7 66 38  
9 77 90 17 - 23  
10 78 88 28 53 27  
11 127 201 22 68 23  
12 105 125 25 54 18  
13 147 108 22 60 13  
14 113 136 20 56 10  
15 - 134 24 59 22  
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SPT at Manamaiju SPT at Ramkot
SPT at NEC SPT at Imadol
(a) Standard Penetration Test (SPT)
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(b) PS-Logging 
NECManamaiju
Imadol
Imadol
 
 
Cyclic  triaxial test
Triaxial Specimen 
Cyclic triaxial test set up 
(c)  
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Appendix-C 
1. Light Load foundation model (M) (i) Saturated model (M1-1) 
(a) Acceleration 
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(b) Excess Pore Water Pressure (EPWP) 
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(c) Excess Pore Water Pressure (EPWP) Distribution 
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(d) Vertical Displacement 
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2. Light load foundation model (M) (ii) Desaturated model (M1-2) 
(a) Acceleration 
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(b) Excess Pore Water Pressure (EPWP)  
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(c) Excess Pore Water Pressure (EPWP) Distribution 
 
 
(d) Vertical Displacement  
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3. Heavy load foundation model (M2) (i) Saturated model (M2-1) 
a) Acceleration 
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b) Excess Pore water Pressure (EPWP) 
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c) Excess Pore water Pressure (EPWP) Distribution 
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d) Vertical Displacement 
 
4. Heavy load foundation model (M) (ii) Desaturated model (M2-2) 
(a) Acceleration 
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(b) Excess Pore Water Pressure (EPWP)  
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(c) Vertical Displacement 
 
 
 
 
 
 
 
 
 
 
 
0 10 20 30 40
0
10
20
30
40
At Building Center
D
is
p
la
ce
m
en
t 
(c
m
)
0 10 20 30 40
0
10
20
30
40
At Building Edge
D
is
p
la
ce
m
en
t 
(c
m
)
Time(s)
0 10 20 30 40
0
25
50
75
100
At C2
E
xc
es
s 
P
or
e 
P
re
ss
ur
e
 (
kP
a)
Effective Stress without Structure
Effective Stress With Structure 
0 10 20 30 40
0
25
50
75
100
At C3
E
xc
es
s 
P
or
e 
P
re
ss
ur
e
 (
kP
a)
Effective Stress without Structure 
Time(s)
0 10 20 30 40
0
25
50
75
At B1
E
xc
es
s 
P
or
e 
P
re
ss
ur
e
 (
kP
a) Effective Stress without Structure 'V
Effective Stress With Structure 'v
0 10 20 30 40
0
25
50
75
At B2
E
xc
es
s 
P
or
e 
P
re
ss
ur
e
 (
kP
a) Effective Stress without Structure 'V
Effective Stress With Structure 'v
Time(s)
237 
 
(d) Excess Pore water Pressure (EPWP) Distribution 
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(a) Light load foundation model (M) (i) Saturated model (M1-1) 
 
(b) Light load foundation model (M) (i) Desaturated model (M1-2) 
 
(c) Heavy load foundation model (M2) (i) Saturated model (M2-1)
 
(d) Heavy load foundation model (M2) (i) Desaturated model (M2-2) 
 
 
